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Abstract

Richmaond, ca
Retrofitting of Unreinforced Masonry Walls (51 "
Using Fiber Reinforced Polymer Laminates ’

Khalid M. Mosalam and Reid R. Senescu

The report compares the structural response of unretrofitted unreinforced masonry
(URM) walls with URM walls retrofitted on one side with glass fiber reinforced polymer
(FRP) laminates. Six walls are experimentally investigated using the diagonal tension
standard test procedure. In this investigation, two objectives are considered. First, a
comparison is made between the improvements in performance provided by retrofitting a
single-wythe wall versus that provided by retrofitting a triple-wythe wall. Second, the
performance enhancement provided by the FRP is compared with two mortar-to-brick
strength ratios. Various material tests are also performed to better analyze the
experimental results.

The results from the tests are then compared with current standards for evaluating
the design strength of URM walls. The strength enhancement provided by the FRP in the
experiments is also compared with current standards for estimating the design strength
contribution of FRP. In addition to these standards, the authors propose another
alternative for estimating FRP design strength based on shear strain in the FRP.

The research shows that the application of FRP on only one side of a three-wythe
wall prevents brittle catastrophic failure and may potentially improve the in-plane seismic
response of a URM wall. Variability in test results, the small number of specimens tested,
and the inability of the diagonal tension test to model real URM wall behavior limit the
overall comparisons that can be made between the experimental results and the design

standards considered.



TABLE OF CONTENTS

TABLE OF CONTENTS ...cctirtrieniisinnnisismsssnnessnssssssssisesssnsssssasssisassessssssssssesssesansassssssasssase i
LIST OF FIGURES ....coiriiriiriccnniinninssnnissciesssenssscsssnssssssasssssasssesssanssssnssanssssasssssansossnsonss iv
LIST OF TABLES ....cocviiieniiininnciicsinssssnissssossnsissnnisiasssssssssssssssessssanssasssassssnssssssasssssansans vi
ACKNOWLEDGEMENTS ..coeiiiiiimccniinniisncssississnisesossmssssosssesssssssessassnssssssssasassassasas vii
1 INTRODUCTION. .cocoiimirersursssessssessssisssnssssassssnsssnssssssssssassssssssssssssnssssasssssasnssassssases 1
1.1 Background ......cuieeieerinenrnineissicsninicscisssssssssssssssnsssssasnsasssssssosassnnasessssasanassssssssasasanes 1
1.2 Objective and SCOPE ..cccervrnreressesssissiisisessnessnsssessssssosssnsssnsessansssssssassasessasssassssossaness 5

2 MATERIALS....ccoooieinerniinmsniisnesenssmessssonssssssssssescestasssrssssssssossasssssssnsssasessnssanssssases 9
2.1 BIICKS cevieireiionnreissnessssnsisnscsssisasuesssesssssassssnasssarosasssssssssssnssssasasansassanssansasanssssasossasasaanee 9
2.1.1 Compression Brick Test........ccccvninnvnncscnsnsscaressnsessnsinsssisssansonsesssasssnanossnnans 10
2.1.2 Split Tension and Modulus of Rupture Brick Test.....ccccevecenueiveinnnerierannas 10
2.1.3 Discussion of Brick Test Results........cccvvrensriesiccsiecnrnssnnisnsssesessisanssscsssnesseeas 11

2.2 MIOT AT ovecescnnrissseesssssanerasanssscsssssasssassasssssasasssussssonsessasessassnssassssnsssssnsssssssananssnsassssane 12
2.2.1 MOrtar TestS umencncnirnocisrinsicsnssssnisnsesnssssssssssassorsasasossssssasssassssnssansasssssnsassesasssnns 14

2.3 Masonry Prism Test....ciiiiicimnniienionnnsicimmsmisesnisssesssssnsssaesssssssssssssssssassonnes 15
2.4 Direct Shear Test.......cocceicsmnssisssensisnnsssnscrarssssnsssassosssosssssnssarasssassssanssssnassssassasossen 15
2.5 Fiber Reinforced POIYMEeT .......cccocceveinnniiivenissimssssnsiscssansmocsssanssssnessssssnnnesssneossaas 18

3 CONSTRUCTION AND TEST SETUP...ccvvinirinrinciscsnnisnnccsnssssennsssanisnsmsnsssssees 20
3.1 Masonry Panel Construction........ccceevrnreinsencissescessssossssssossissnscssassasssssasssssassssans 20
3.2 FRP APPHCAtION .cccuiecirriisiseisinsicsnnisresssssniossascsssassasssssonssssesssonsrsssssssnassssssassanasassasaas 20
3.3 Setup of Diagonal Tension (Shear) Test.....ccincciesiinnrinnnmrssssicaniosaresssnsesneasssasans 21



3.4 InStrUIMENEATION 1vorverrereenrececenssacssasssssesconsonssssssassasssasssorsossasansnssssanassssonsssnsssosassassssns 22

4 RESULTS . .ooiirtrciiniinsecsmariisiississnesiisssessessisssississssssssssmsssssssssasssssssassasssssssessesssassnons 24
5 DISCUSSION OF RESULTS ..oovciivmieiinniisiinsinsissesnsisnssessssenssssessssssassssassasosnsonns 30
5.1 DUCHEIEY .overveveriiiiiscniisiiissneisscsnisnnecsssuscosnssssasssssossansssssssasessasssssansscosansasaassssnnnssnnssas 31
5.2 Strain Rate....coeiiiricieminniiiiioinnnininseniesinosiiimiismmiseissessnsiomssssmsssssssssaseasssssssnes 32
5.3 Relative Effect of Mortar Strength ........cccovvccrviincnneninicnnssscnnneenniiseccsnnnnnieesassenns 36
5.4 Test LIMItAtiOns ..cccvecevceisenniscsnisisenssssnicsssnsssissssssssssssssosessesssssesssonsassasassssnssnsssssasans 38
5.4.1 Variability.....ccecorersnscresnnsensisssssnissnsssssnssnisssssnssnsanssissanssasesnsssasssassssssnsnsssanssans 38
5.4.2 Curvature and EccentriCity .....ccimmminineienniseiionimemisismissmsamssass 38
5.4.3 AXial LOAdS ..ccveevnireiininnnnicnininessssnesanssnnssssiseessanssnsosassnsnosssessnssssasssasasassssassanenss 41
5.4.4 Test Setup and Instrumentation.....c...ccoeeieeeeessnnssssssssarsssasrsssnesssnnesssessasasonns 41

6 Design IMPHCALIONS c..covvevericrccnniiccsennsinsnnniinisisssnsisesssnssanesssessessasesssnsssnsesasssssasnsasanes 44
6.1 Comparing the Design Wall with Experimental Results .....ccocvccevnveeiniincannee. 45
6.1.1 Prototype Wall........covriirniiiiiniicinnnsisisssnsinsssisissnsssssesssssmssssnnessssesonssesasssases 45
6.1.2 Evaluation of Experimental Results.......cccccenriininnierneininennsenrensecsscciriecerenns 46
6.1.3 Discrepancies Between the Prototype and the Experimental Panels.......... 48

0.2 FEMA 350...0cccciininnsniniiuininssssmsssisssnssssscssnisessasssssssssssscssnsssssssassssansosasssansssosansssassns 49
6.2.1 OVEIVIEW ..eeeverciriiinisnniissnsissnssssisessassossassssnssassssssmssssessassossnsassssnnesssonsasanssassossane 49
6.2.2 Shear Strength ....c..cccveviiinircciosininessnnsssnnisisesconissnnsssnnssssassnssnsasssassosnessnssasanes 50
6.2.3 SIMESS..cnieiriiiineiiiiririsiissiessinsissinissemssnissesissssssssssssssssssssssssnsnsssnsesassssansssansoss 57

6.3 ACI 530-02/ASCE 5-02/TMS 402-02 .....occrvevirnecsisrecscssnsnscasessanesensssssssssssessanssns 59
6.3.1 Allowable Stress DeSigN ...ccovvvirrsisnncscnnssnnssssesssncssoassisnsssiassessansossasnsssssssssnsonsans 60
6.3.2 Strength DesifN....ccveiriiierininieniinsninisniesosssnsceisonossssnosassssnssssssssssssssssssassrsas 61

il



6.3.3 ST I ESScueceeeerssosssssancsessosaesssenssresssssassoassnsssrsssrasassunssossssaasassssssansssesnsaasssssasasansns 63

6.4 Expected FRP Contribution .....cceieiceeniiiininisinnsnisnnionniseieraninnssscsssasssssosessossces 63
6.4.1 Tensile Strain ApPProach........iicveeeiniininninsomsemminmescosmmeeroees 64
6.4.2 Shear Strain Approach........ccciceinieininiiscnniinneissnnssssnssssrsossssscssasessnsecsssnsasssssses 70

6.5 Design SUMMEATY .ccvcvireieissercssnisssnessisesssnsessssnsassnssasssssnsssssasssssessasassssnsessasasssnnasossases 71

7T CONCLUSIONS ...oooiiiintiensssnssinsssnisssisnssssssnssssssssssasssessossssssssssasssssassssasessessansssans 74
REFERENCES....ccoiieitninesiiinsnniisiisissisiessssnssssmsnsssisissnssssssassnssessassssssnsessassassasossasansns 77
APPENDIX .cccoivrieirnnnsenssseisssicsiismessssssrsassenssassssssenssssassasssnssssassssssssssasssssassnssssassnnassassenas 80

1



LIST OF FIGURES

Figure 1: Observations from December 22, 2003 San Simeon, California

earthquake (http://peer.berkeley.edu/san_simeonEQ/)..........cccooviiiiniiiinnn.

Figure 2: Part of a URM wall section that is still standing despite the collapse of
the rest of the second story. December 22, 2003 San Simeon, California

earthquake (http://peer.berkeley.edu/san_simeonEQ/).........cccoiiiiiiiiniiininnnne,

Figure 3: Reinforced concrete frame with collapse of brick infill and arched
windows, August 17, 1999 Izmit (Kocaeli), Turkey earthquake

(http://nisee.berkeley.edu/images/serviet/EqiisListQuake). ..........ccooovvvinnininnn.

Figure 4: (a) URM wall. (b) Concrete frame with URM infill. (c) Equivalent
free body diagram of the brick panel in the URM wall or URM infill
prototypes. (d) Test setup. (e) Stress conditions at the center of the tested

panel that induce vertical tension cracking. ..........ccccocveeverinicniniiiiiiniie

Figure 5: A typical historic URM building with in-plane shear cracking in a
multi-wythe load bearing wall. December 22, 2003 San Simeon, California

earthquake (http://peer.berkeley.edu/san_simeonEQ/).........cccoviviviiniiiiniininnn.

..... 4

..... 7

Figure 6: Typical DIICK. ....cccvioiiiiiiiiiiiiict e 10
Figure 7: Brick and prism teStS. .......cocirriieiiiirenie it 16
Figure 8: Configuration of direct shear test (Tsang, 2002). .......ccocoovviiiviiiiiinis 17
Figure 9: Three-wythe brick panel with a common bond header line every sixth

course. Part of the FRP sheet is visible (FRP strands not to scale)..............ccceeee. 20
Figure 10: Process of applying FRP.....c...cooviiiiiiiiiiiii s 21
Figure 11: Diagonal tension test with instrumentation. ...........ccccocovvviiniciniinnvnns, 23
Figure 12: Shear Force versus Drift relationships. ..., 25
Figure 13: Shear Strain versus Brick Shear Stress relationships. .......ccccoociiiiniiinin. 29
Figure 14: Comparison of ultimate drift and maximum load. ... 31
Figure 15: Comparison of shear strain ductility.........cccccooveiniiiiiiiiiiiis 32

Figure 16: Control Wall 3 (a) 3;24 sec., no visible cracks immediately after
yield drift. (b) 7;23 sec., first visible crack (traced in white to the right of
actual crack). (c) 11;19 sec., crack widens slightly. (d) 11;20 sec., large

iv



crack opens quickly. (e) 11;23 sec., specimen fails. (f) 11;23 sec., crack goes
through to the oppoSIte SIAC. .....oiiiiiiiiiiiiireci e 33

Figure 17: Retrofitted Wall 4 (a) 00,00 sec., no visible cracks at yield dnft. (b)
10;06 sec., cracks become visible (traced in white to the right of actual
crack). (c) 40;09 sec. crack very slowly widens. (d) 57,20 sec., a second
parallel crack forms. (e) 70;12 sec., crack widens slowly until test is
stopped. (f) 70;12 sec., crack is not visible on the opposite side, which is
retrofitted With FRP. ....coooiiiiiii e 34

Figure 18: Comparison of shear strain rates. ..........cccovcvvieiiiiiiiiiiniinciiee s 35

Figure 19: Zigzag crack pattern of the unretrofitted Wall 3 with weak mortar

(TYPE N ettt st 37
Figure 20: Continuous crack pattern of the unretrofitted Wall 5 with strong
MOTEAT (TYPE M), oot s 37

Figure 21: Section A-A shows curvature about the vertical axis where curvature
as drawn is negative. g hl and g_h2 are the gage lengths of the horizontal
displacement transducers on side 1 and side 2, respectively. Section B-B
shows a photograph of Side 1 with the panel edges and bricks outlined for
clarity. Curvature is evident from the yardstick which lies horizontally
across the non-FRP side of the retrofitted Wall 6. The yardstick corresponds
with g_hl and touches the brick panel at its center, but not at the ends. .................. 40

Figure 22: Comparison of wall curvature about the horizontal and vertical axes. .......... 40

Figure 23: Separation of the outer wythe in the parapet of a historic URM
building. December 22, 2003 San Simeon, California earthquake

(http://peer.berkeley.edu/san_simeonEQ/). ... 41
Figure 24: Principal compression strain in homogeneous system (Nguyen,

2003 ). ettt h b et st e e s sre s 69
Figure 25: Principal tension strain in homogeneous system (Nguyen, 2003). ................ 69
Figure 26: Predicted behavior versus experimental results for hypothetical

WAL, 1ttt e e e e e 73
Figure 27: Loading shoe deSigi. .......ccceviiriiiiaiiiniiiiiiriiieii e 80



LIST OF TABLES

Table 1: TeSt MAIIX..c.eoiiiieiiiiie et 6
Table 2: Reported brick PrOPErties......cocviviiiiiriiiiiiiiiie i 10
Table 3: ASTM C270 mortar proportion specification and property

TEQUITEIIIEIIES ..ottt e etee st te et et e st esb e s ence e et e e sance st s e neessanesanteassess s e s enais 13
Table 4: Actual MiX PrOPOTLIONS ..eovvviireierrt ettt eir et e e cte e eee et eae s 13
Table 5: Sand gradation ......cccooviiiiiiii e 13
Table 6: Reported FRP Properties™.........o.cocoivvvoueveeieeeseesseisecosesasessses s 18
Table 7: Material test TESUIS co..oviiviriiiiercr et 19
Table 8: Shear strength predicted by FEMA 356 using default values...............cccco.ee. 54
Table 9: Maximum shear strength permitted by FEMA 356 ..o, 56
Table 10: FEMA 356 estimated shear strength using experimental material

PTOPETLIES ..o teeeetieeee et e e eterabe et e e et tee et eteesaeeseeseanestessasaetesaasesssssssesneesreenssscaneeas 57
Table 11 Comparison of FEMA 356 and experimental stiffness .........cccccocoeniine 59
Table 12: Shear strength predicted by ACI 530 ....cooiiimiiiiii e, 62

Table 13: Design FRP Strength at Ultimate Strain Versus Experimental FRP
SEEENELN 1. et e 67

Table 14: Design FRP Strength at Yield Strain Versus Experimental FRP
SEIENEEN ..ot e 68

vi



ACKNOWLEDGEMENTS

Special thanks to Professor Stephen A. Mahin and Professor George C. Johnson
for reviewing this report.

The staff at the Structures Laboratory at the University of California, Berkeley
deserves our thanks for their help. In particular, the experiment portion of this research
benefited considerably from the advice and diligent work of Lev Stepanov. We also
appreciated the help of Professor Claudia P. Ostertag and graduate student Caroline
Tsang. The diligent work and unwavering dedication of undergraduate student Evelyn
Liang was also immensely appreciated. Also, the walls on which this research was based
would not have existed without the bricklaying skills and voluntary work of several
Berkeley students to which we are very grateful.

This research was supported by Sika Corporation and Lotus General Contractors,
Inc. We appreciate the assistance provided by these companies as well as the technical
guidance provided by Hexcel Corporation and Simpson, Gumpertz, & Heger Inc. We also
would like to thank the National Science Foundation and the University of California,
Berkeley for their support.

This material is based upon work supported under a National Science Foundation
Graduate Research Fellowship. Any opinions, findings, conclusions or recommendations
expressed in this publication are those of the authors and do not necessarily reflect the

views of the National Science Foundation.

Vil



1 INTRODUCTION

1.1 Background

Observations from previous earthquakes show that buildings that depend on
unreinforced masonry (URM) walls to resist seismic forces often experience severe
damage relative to structures with other lateral resisting systems. Since damage to
masonry buildings usually results in the falling of bricks, masonry buildings pose a
serious life-safety threat even if complete structural collapse does not occur. Furthermore,
masonry structures are a prevalent form of construction in the United States, constituting
approximately 70% of existing buildings in 2001 (Tumialan, 2001). Though most of these
structures exist east of the Rocky Mountains, a large number were built in the earthquake
prone region along the West Coast prior to the consideration of seismic forces.

Because of the prevalence of URM, the development of appropriate retrofitting
techniques is an important component of the effort to mitigate the disastrous effects of
earthquakes on urban areas. Masonry structures generally depend on structural walls to
resist lateral forces. If the shear forces caused by the inertia of upper floors are too great,
the shear capacity of structural walls can be exceeded and the wall can fail in-plane. This
type of failure is evident by the diagonal shear cracks in Figure 1.

Frequently, walls are weakened by window or door openings and failures occur in
the piers between such openings. In-plane failures may also occur where low axial loads

exist and the shear strength of bed joints is reduced. When axial load is low, failure may



(a) Diagonal shear cracking in a corner pier  (b) Diagonal shear cracking throughout a
next to a window in a URM building. URM building.

Figure 1: Observations from December 22, 2003 San Simeon, California earthquake
(http://peerberkeley.edu/san_simeonEQY/).

consist of either sliding of one entire wall section over another along the bed joint, or
rocking action where the bed joint fractures and the top of the wall rocks on the bottom
section. In-plane failure is generally the least severe mode of failure in URM structures
since the wall can usually withstand gravity loads even after significant in-plane lateral
strength is lost. However, in-plane failure generally allows excessive deflection of
diaphragms, which can initiate other more catastrophic failure modes. Figure 2 shows a
photograph of a URM building built in 1892 in Paso Robles, California, which

experienced collapse of the second story during the 2003 San Simeon earthquake. The



Figure 2: Part of a URM wall section that is still standing despite the collapse of the rest
of the second story. December 22, 2003 San Simeon, California earthquake
(http://peer.berkeley.edu/san_simeonEQY/).

collapsed portion of the second story wall simply slid over the diagonal cracks leaving a
small portion of the second story wall still standing. The similarly constructed buildings
in Figure 1 also experienced in-plane cracking in the San Simeon earthquake, but the
strength reduction caused by the cracks was not large enough to allow collapse.

URM is also frequently used to infill concrete frames. The URM contributes
significantly to the lateral stiffness of the structure. Collapse of the infill causes
significant threat to life and may allow the concrete frame to drift to potentially unstable
displacements. An example of URM infill failure is shown in Figure 3.

The weakness of URM structures has long been recognized. In fact, as a result of
severe damage to URM structures during the Long Beach, California earthquake of 1933,
the use of masonry was temporarily prohibited in all public buildings in the state of

California (Tumialan, 2001). In the 1940’s and 1950’s, masonry construction continued in



Figure 3: Reinforced concrete frame with collapse of brick infill and arched windows,
August 17, 1999 Izmit (Kocaeli), Turkey earthquake
(http://nisee.berkeley.edu/images/servlet/EqiisListQuake).
California in compliance with the Uniform Building Code, which required the design of
masonry structures to withstand small seismic forces. Vertical steel reinforcement was
used to resist the tensile forces that developed in the wail as a result of ground motion.
In 1981, Division 88 of the City of Los Angeles Building Code required that most

URM buildings in Los Angeles undergo retrofitting (Kehoe, 1996). The ordinance
required that URM parapets be removed or braced; that mortar joints be tested and walls
strengthened to meet minimum values for shear strength; that walls meet certain clear
height/thickness requirements; that walls be anchored to floor and roof diaphragms; and
that diaphragms meet certain strength and stiffness requirements. It is important to
recognize that this procedure was not intended to bring older buildings up to the design

standards of current construction. Also, the goal of the provision was to ensure life-safety

and not to limit economic losses.



As aresult of increased consciousness of the potential effects of future
earthquakes, much effort has been put forth to retrofit all types of structures in the
Western United States over the last decade. Recently, fiber reinforced polymer (FRP)
laminates have become popular for both concrete and masonry retrofits. Oftentimes,
URM structures are historically significant, requiring minimal changes to exterior
architectural appearance. Consequently, engineers often have limited access to the
structural elements that require strengthening. Numerous tests have been conducted to
evaluate the effectiveness of FRP as a retrofitting material. Previous research has used
FRP on both sides of the wall or on one side of a single-wythe wall. In practice, historical
structures typically have multi-wythe walls supporting gravity and seismic forces and
frequently, engineers have access to only the interior side of the wall. This reality

prompted the investigation of three-wythe URM walls retrofitted on one side with FRP.

1.2 Objective and Scope

The objective of the experiments conducted in this study is to evaluate the
effectiveness of FRP in enhancing strength and ductility when applied to only one side of
a three-wythe unreinforced masonry wall. In this study, two variables are investigated.
First, a comparison is made between the improvements in performance provided by
retrofitting a single-wythe wall versus that provided by retrofitting a triple-wythe wall.
Second, the performance enhancement provided by the FRP is compared with two
mortar-to-brick strength ratios. One pair of control and retrofitted specimens is tested
with Type N (weak) mortar, and one pair of triple-wythe specimens is tested with Type M
(strong) mortar. The same type of brick is used for all the walls. The test matrix in Table

1 shows the performed wall tests.



Table 1: Test matrix

Wall No. Wythes | Mortar Retrofit
1 1 N, Weak None
2 1 N, Weak FRP
3 3 N, Weak None
4 3 N, Weak FRP
5 3 M, Strong None
6 3 M, Strong FRP

A diagonal tension test slightly modified from ASTM E 519 was chosen, because
of its similarity to the in situ stress state that would exist in a panel of bricks in a URM
wall (ASTM, 1988). To simplify the test setup, a panel 30 in. by 30 in. was tested as
opposed to the 48 in. by 48 in. panels recommended by the ASTM guidelines. The panels
represent a prototype middle section of either a URM wall with shear and axial load
forces or an infill wall bounded by a concrete frame with a compression strut forming
along the diagonal. The URM and infill conditions are shown in Figure 4 (a) and (b),
respectively. Regardless of the prototype chosen, a combined compression and shear
force exists at the center of the panel, as shown in Figure 4 (c). To model this stress state,
the wall panel is compressed in-plane across the diagonal using the test setup shown in
Figure 4 (d). This setup creates the shear stress state shown in Figure 4 (e), which induces
the diagonal tension cracking typically observed in prototype buildings. The San Simeon
earthquake caused such a pattern of diagonal tension cracking in a URM wall shown in
Figure 5, which appears very similar to the cracked test specimens to be discussed later

with reference to Figure 16.



URM Wall Concrete Frame
With URM Infill

tiititittt
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©

Figure 4: (a) URM wall. (b) Concrete frame with URM infill. (c) Equivalent free body
diagram of the brick panel in the URM wall or URM infill prototypes. (d) Test setup.
(e) Stress conditions at the center of the tested panel that induce vertical tension cracking,.



Figure 5: A typical historic URM building with in-plane shear cracking in a multi-wythe
load bearing wall. December 22, 2003 San Simeon, California earthquake
(http://peer.berkeley.edu/san_simeonEQY/).



2 MATERIALS

Masonry is a complex composite of bricks and mortar. The behavior of a masonry
wall depends on the properties of the brick units, the mortar, and the mortar-brick
interface. Several tests of materials used in the construction of the panels were conducted
to better understand the wall panel behavior. The materials, tests used to evaluate
materials, and material test results are described in this section. After each test is
discussed, photos and diagrams of several of the tests are shown in Figure 7 and Figure 8,
and Table 7 lists average results for each material test as well as a coefficient of variation
(COV).! The COV should be analyzed with caution since only a limited number of

specimens were tested for each experiment.

2.1 Bricks

Clay bricks of dimensions 3-5/8 x 2-1/4 x 7-5/8 in. were provided by a local
distributor. The bricks were manufactured by H.C. Muddox of Sacramento. They are
Modular Brick Veneer units of color Dusty Rose that meet ASTM C 216, Grade SW, FBS
for “Facing Brick” (ASTM, 2001). The bricks are cored with 2 rows of 5 holes of
diameter approximately % in. such that the net area is 85% of the gross area. A
photograph of the type of brick used is shown in Figure 6. H.C. Muddox provided a data

sheet written by American Testing Services Inc. on October 30™ 2000. Table 2 shows the

! The COV is based on the biased or n method of calculating the standard deviation. It assumes the entire

1 \/n<zx2>—<zxf

where x

population is sampled and calculates the COV using the equation, COV = — 5
X n

is a data value, 7 is the total number of specimens tested, and X is the mean of all the data values.



reported average of five units tested in accordance with ASTM C 67 (ASTM, 1999).
These manufacturer reported values in Table 2 can be compared with the results of tests

conducted for this study shown in Table 7 and discussed below.

2.1.1 Compression Brick Test

The bricks’ compressive strength was determined by testing five bricks in
accordance with ASTM C 67 (ASTM, 2001). The bricks were saw cut in half, capped and
loaded perpendicular to the bed. Unlike the ASTM standard, the bricks were not dried S(;
that the strength value was representative of conditions in the wall panels. Also, the
bricks were not shellacked, but were capped with hydrastone. Compressive strength, C, 1s

taken as

C=

w
Il (M

where W is the maximum load and 4 is the gross area. The test setup is shown in

Figure 7 (a).

2.1.2 Split Tension and Modulus of Rupture Brick Test
Five specimens were tested using the split-tension test according to ASTM C

1006 (ASTM, 2001). Each brick is loaded perpendicular to the bed via two long metal

Table 2: Reported brick properties

Gross Area 29.50 in.”
Net Area 25.08 in.”
Compressive Gross 6933 psi
Strength Net 8155 psi
Absorption 24 Hr. C91d Soak | 6.04
5 Hr. Boil 9.61
Saturation Coefficient 0.63 = , Y
Initial Rate of Absorption (IRA) 40.41 Figure 6: Typical brick.
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rods that lay across each brick face as shown in Figure 7 (b). The rods’ diameter is % in.
and it is at least as long as the brick width. The splitting tensile strength, 7, is determined
using the equation

7o 2f
TLH

(2)
where P is the maximum applied load, L is the net split length parallel to the rods, and H
is the brick height. The test creates a nearly constant tensile stress that results in strength
values that are close to but slightly higher than direct tension tests (Drysdale, 1994).

The bricks’ modulus of rupture is related to the bricks’ tensile strength. This
modulus of rupture (flexure) test was conducted in accordance with ASTM C 67, except
that the five brick units were not dried so that the strength value was representative of

conditions in the wall panels (ASTM, 2001). ASTM calculates modulus of rupture, S, as

3W(L/2-%)

S
bd*

)

where W is the maximum applied load, L is the span length, b is the net width, d is the
brick height, and x is the average distance from the mid-span of the specimen to the plane
of failure measured in the direction of the span along the centerline of the bed surface

subjected to tension. The test setup is shown in Figure 7 (c).

2.1.3 Discussion of Brick Test Results

All three brick tests had very high COV’s (18% to 25%). This high variation is
expected because the bricks are very brittle and highly sensitive to minor flaws. Also,
poor quality bricks were chosen intentionally to better represent brick qualities present in
historic buildings. These bricks were not manufactured to bear large loads and so, the

high strength variability is not unreasonable. Still, the average tested compressive
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strength was about 40% lower than the manufacturer’s reported values (see Table 2),
though some reduction in strength is expected since the compression tests for this
research were performed without drying the bricks.

The modulus of rupture (flexure) test gives some indication of the tensile strength
of the brick. The ability of the test to predict the tensile strength is limited by the
relatively small span length (6 5/8 in.) to brick height (2 % in.) ratio. Because of the deep
beam action, significant arching action may have occurred. This arching action as well as
the fact that a smaller fraction of the section is being highly stressed explains why the
average modulus of rupture value (794 psi) is significantly greater than the average
tensile strength value (516 psi) determined using the split tension test. The average
distance, x, from the mid-span of the specimen to the plane of failure, measured in the
direction of the span along the centerline of the bed surface subjected to tension, was as
large as 1-1/16 in. This large value demonstrates that small flaws can greatly influence
brick strength, since clearly, failure did not always occur at the cross-section with the
largest bending moment. Also, the COV was very large (25%), suggesting that the
conclusions drawn from panel tests are limited by the high variability in the strength of
the bricks. Bricks generally failed in a brittle manner with a single visible crack near the
center. However, one brick began losing load carrying capacity in a rather ductile manner
with no visible cracks. According to the two tension tests, the brick net tension strength is

10% to 20% of the compressive strength.

2.2 Mortar

In order to observe two potential failure modes, two mortar types were used in the

panels such that in the wall panels with weak Type N mortar, failure should initiate in the
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brick mortar interface, and in the specimens with strong Type M mortar, failure should

initiate in the bricks. In masonry buildings, the mortar or brick/mortar interface is almost

always the weakest link as is recommended by the non-mandatory section of ASTM C

270 (Sathish, 2000). Mortar was mixed in accordance with the standards for Type N and

M cement-lime mortars as stated by ASTM C 270 (ASTM, 2001) and shown in Table 3.

Actual mix properties used in the test specimens are indicated in Table 4. Natural sand

was obtained from Teichert, Inc.’s Perkins Plant in Sacramento, California. This sand was

sifted through a No. 8 sieve in the lab to obtain the gradation in the right column of Table

5, which meets the ASTM requirements shown in the left column of Table 5.

Table 3: ASTM C270 mortar proportion specification and property requirements

Mortar Proportion By Volume Average Compressive
Type | Cement Lime Sand Strength at 28 days,
(damp and loose) Minimum
M 1 Va Not less than 2 ¥ and 2500 psi
S 1 Over Yato ¥ not more than 3 times 1800 psi
N 1 Over i io 1 V4 the sum of the separate 750 psi
volumes of
O 1 Over 1 %ito 2% | cementitious materials 350 psi
Table 4: Actual mix proportions
Mortar Proportion By Volume
Type Type /11 Type S, Sand
Portland Cement | Hydrated Lime | (damp and loose)
M 1 0.25 3.5
N 1 1 6
Table 5: Sand gradation
Percent Passing
Sieve Size ASTM Natural Sand Grading Actual Grading Used for
Specification Specimens
4.75 mm (No. 4) 100 100
2.36 mm (No. §) 95-100 100
1.18 mm (No. 16) 70-100 90
600 um (No. 30) 40-75 53
300 um (No. 50) 10-35 18
150 um (No. 100) 2-15
75 pum (No. 200) 0-5 1
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The water-cement ratio was approximately 0.6 and 0.9 by weight for the mortar
types M and N, respectively, though the exact amount of water was adjusted to maintain
proper consistency for workability and adequate bonding of the mortar to the brick.
ASTM C 270 recommends using the maximum amount of water appropriate for proper
consistency, and in practice, the exact water content is generally adjusted by the mason as

was the case for the construction of the walls for this experiment (Sathish, 2000).

2.2.1 Mortar Tests

Various mortar tests were conducted on cylinders of mortar to evaluate the
strength of the mortar used to join the bricks. The cylinders were 3 in. in diameter and 6
in. in length. They were compacted with a rod after each third of the cylinder was placed
and were further consolidated with a vibration table. The cylinders were tested according
to ASTM C 496 after 7 days of curing in a fog room (ASTM, 1996). First a split tension
test was performed in which the cylinders were subjected to a compressive load parallel
to the longitudinal axis of the cylinder. Second, the compressive strength of the mortar
was determined according to ASTM C 39 in which the cylinders were loaded axially
(ASTM, 2001).

Mortar compression tests showed that Type M mortar was 3.5 times stronger in
compression than Type N mortar after 28 days curing. The 28-day tests were
approximately 1.5 times stronger than the tests taken at 7 days. In tension, Type M mortar
was only 2.6 times stronger than the Type N mortar. The variation in the mortar test

results was significantly lower than the brick tests.
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2.3 Masonry Prism Test

Masonry prisms consisting of three brick units stacked on top of each other were
tested in compression according to ASTM E 447 (ASTM, 1991). Five masonry
specimens were constructed for each mortar type. The prisms were cured 21 days in the
fog room followed by 7 to 8 days at room temperature before testing. The prisms were
loaded at a rate between 50 and 60 kips per minute.

The prisms with Type M mortar were 1.2 times stronger than the prisms with
Type N mortar indicating the composite strength of the prisms is dependent on the type of
mortar used. Still, the difference between the two mortar types is not nearly as great as
when only mortar was tested, suggesting that both the brick and mortar strengths
contribute to the overall strength of the masonry prism. All the prisms failed along two
planes lengthwise roughly along the line of the cored openings. Debonding between
bricks and/or cracking along the mortar brick interface did not exist. A typical failure is
shown in Figure 7 (d). Also, the COV for the prism tests was much lower than the COV
for the bricks when tested alone. This reduction in variation suggests that the mortar or

the mortar-brick interface governed the prism strength rather than just the brick strength.

2.4 Direct Shear Test

Direct shear tests were performed using the same bricks and the same mortar as
part of a separate research project (Tsang, 2003). The direct shear tests were performed
using assemblies of four bricks depicted in Figure 8. Two configurations were tested to

observe the difference in shear strength between the cored bed-joint surface and the head
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% in. steel plates P

E

half-brick capped Y4 in. diameter rods
with hyrdastone capped in place with
hydrastone
(a) Compression test. (b) Split tension test.

(¢) Modulus of rupture (flexure) test. (d) Masonry prism test.

Figure 7: Brick and prism tests.
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Figure 8: Configuration of direct shear test (Tsang, 2002).

joint. In the configuration depicted in Figure 8 (a), the bricks are joined along the bed
surface. In the test depicted in Figure 8 (b), the bricks are joined along their sides, which
mimic the shear strength at the head joints. A load, P, was applied to the center bricks and

the gross shear stress was calculated as

7= 4

where 4, is 12.7 in.” and 7.9 in.” for the cored face and smooth face, respectively. The
shear stresses are shown Table 7. From the results it is evident that the cores contribute
significantly to shear strength, because the mortar sinks into the cores and interlocking
resists shear forces. The results also show that Type M mortar has greater bond strength
than Type N mortar, but that the bond strength of the Type M mortar is much more
variable. This increase in bond strength corresponds with Boyton’s study in which cross-
couplets were used to show that bond strength increases with increased Portland cement
content and decreases with lime cement content (Tsang, 2002 and Boyton, 1964). In
addition the Type M mortar is more susceptible to flaws due to its brittle property, so the

higher variation is understandable.
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2.5 Fiber Reinforced Polymer

Professional contractors with experience in retrofitting projects applied two glass

fiber reinforced polymer (FRP) sheets to one side of the brick panels. Hex-3R Wrap
101G manufactured by Hexcel Corporation was used in combination with Sikadur Hex

300 high modulus, high strength, impregnating resin to form a glass fiber reinforced

polymer laminate. The manufacturer, Sika, reported material properties shown in Table 6.

The tensile and shear properties of the Sikadur Hex 300 and Hex-3R Wrap 100 Laminate

were determined using ASTM D 3039 and D 3518, respectively (ASTM, 2000 and

ASTM, 2001). Calculations of FRP design strength for structural engineering

applications can be made using either the fiber properties or the laminate properties.

Throughout this report, calculations are made according to the laminate properties. The

ply thickness of 0.04 in. refers to the overall laminate.

Table 6: Reported FRP properties™

E-glass Fiber Properties

Tensile Strength 330,000 psi
Tensile Modulus 10,500,000 psi
Density 2.54 g/cc
Elongation 4.0%

Sikadur Hex 300 and Hex-3R Wrap 101 Laminate Properties

Tensile Strength 44,100 psi
Tensile Modulus 2,270,000 psi
Shear Strength 9,000 psi
Shear Modulus 470,000 psi
Poisson Ratio 0.189
FElongation 2.37%

Ply Thickness 0.040 in.

a. Properties after standard cure followed by standard post cure
(70-75°F- 5 days, 48 hours at 140°F).

b. Properties are given for a single ply though two plies were
used on the panels.
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Table 7: Material test results

Curing | Specimens | Average CoV
Period Tested Strength
Brick Compression Test
5 4341 psi 24%
Modulus of Rupture
(Flexure) Brick Test
5 794 psi 25%
Brick Split Tension Test
4 516 psi 18%
Mortar Compression Test
Type N
7 days 3 736 psi 2%
28 days 3 1179 psi 2%
Type M
7 days 3 2910 psi 0%
28 days 3 4155 psi 2%
Mortar Split Tension Test
Type N
7 days 3 113 psi 9%
28 days 3 186 psi 3%
Type M
7 days 3 393 psi 13%
28 days 3 487 psi 9%
Masonry Prism Test
Type N 28 days 5 2906 psi 4%
Type M 28 days 5 3472 psi 4%
Direct Shear Test
Type N: Cored Face 2 156 psi 11%
Type M: Cored Face 2 232 psi 33%
Type N: Smooth Face 2 106 psi 5%
Type M: Smooth Face 2 182 psi 42%
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3 CONSTRUCTION AND TEST SETUP

3.1 Masonry Panel Construction

Brick panels, 30 in. by 30 in. square, were constructed in a laboratory
environment. Single-wythe panels were constructed in the pattern shown in Figure 4 (d)
with half blocks at every other row end. Vertical joints were approximately 10/32 in. or
8/32 in. and horizontal bed joints were approximately 9/32 in. As is common in URM
buildings (see the brick pattern in Figure 5), three-wythe panels were constructed with
headers placed every sixth course in the common bond brick pattern as shown in

Figure 9.

3.2 FRP Application

In preparation for application of the FRP, the brick wall was sand blasted
thoroughly to remove excess mortar and create a flat surface. The panel was then air

blown to remove sanded clay particles. Next, a filler mixture of Cabosil (a compound of

Figure 9: Three-wythe brick panel with a common bond header line every sixth
course. Part of the FRP sheet is visible (FRP strands not to scale).
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Figure 10: Process of applying FRP.

fine aggregates) and Sika epoxy resin was used to fill in large pores in the bricks and
mortar. The Sika epoxy resin was spread onto the entire panel using rollers. The first FRP
sheet was placed on the panel with the fibers aligned at +45 degree angles to the edge as
shown in Figure 9. The contractors then rolled more resin over the first sheet to remove
air gaps. The second +45 degree sheet was placed on the first resin-covered sheet and
again covered with more resin and smoothed and pressed to remove any air gaps.

Figure 10 shows the major steps of the retrofitting process.

3.3 Setup of Diagonal Tension (Shear) Test

The effectiveness of the retrofitting scheme was evaluated using ASTM E 519,
The Standard Test Method for Diagonal Tension (Shear) in Masonry Assemblages
(ASTM, 1988). To create the loading condition shown in Figure 4 (d), the panel corners
were capped with hydrastone and placed into steel loading shoes. The placement was
checked carefully to ensure the wall was vertically plumb and loading shoes were placed
evenly. Figure 27 in the Appendix contains details regarding the loading shoe dimensions.

The panel was subjected to monotonic quasi-static loading at an average rate of 6.6 kips
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per minute for the one-wythe specimens and 21.7 kips per minute for the three-wythe

: 2
specimens.

3.4 Instrumentation

After placing the panels in the test machine, small holes were drilled into the
brick on each side of the panel near the corners where tension and shear stresses would be
small. Threaded rods were inserted into the holes and embedded with hydrastone.
Displacement transducers were placed on the rods to measure horizontal and vertical
displacements on each side of the specimen. The gage length of each device was 26 in.
The instrumentation setup is shown in Figure 11. Inserting the rods into the brick had
minimal effect on behavior since cracks never initiated at the rod. The out-of-plane
distance from the wall to the gage was measured, so that by comparing displacements on
each side of the wall, wall curvatures could be estimated. For some specimens, out-of-
plane displacements were measured at the center of the wall, but because the measured
values were very small, they are not discussed in this report. Another displacement
transducer measured the displacement of the loading head and a load cell measured the

force applied to the specimen.

? The loading rate was calculated by dividing the load at yield by the time to yield. The three-wythe wall
was loaded at a rate approximately three times the rate of the single wythe wall to maintain a constant stress
rate.
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Figure 11: Diagonal tension test with instrumentation.
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4 RESULTS

The results of the diagonal tension tests are shown in two forms. Figure 12 depicts
shear force versus drift, where shear force is normalized by the wall’s original thickness
and Figure 13 depicts brick shear stress versus shear strain. The three subplots in each
figure show the effect of retrofitting on the three different variable combinations
considered. The shear force normalized by thickness is defined as

S

‘2

where ¢ 1s the thickness of the wall and P is the applied load. Figure 4 (c) shows a free

)

body diagram of the shear force. It is clear from the diagram that the bricks near the
center of the panel experience a compression and shear load. In a URM wall, axial load
would develop due to gravity, overturning moment, and/or vertical ground accelerations,
whereas the shear load would be transferred to the wall from the inertia effects of floor or

roof diaphragms (Figure 4 (a)). The wall’s drift, 6, is calculated according to the formula

L—\/(ﬁL—Au)z—Lz

L

5= (6)

where L is the average gage length of the two vertical displacement transducers and 4,, is
the average of the magnitude change in length of each vertical gage. Horizontal gage
length changes are not considered since the measurement becomes unrepresentative at
high displacements due to cracking and large curvatures as discussed later with reference

to Figure 22. The drift equation is only a rough approximation of the actual panel
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Figure 12: Shear Force versus Drift relationships.’

deformation. The equation assumes that the length of each panel edge remains constant
and that the wall shortens vertically the same distance that the wall expands horizontally.
The latter assumption is not entirely accurate since displacement transducers indicate that
the vertical and horizontal displacements are not of the exact same magnitude, but on
average the above equation gives a reasonable estimate of the performance of a brick
panel.

Figure 13 compares the brick shear stresses (defined later) with shear strains.
Shear strain, %, is determined from changes in the gage lengths and is calculated using the
ASTM equation

AV +AH
y =
gavg

(7)

* The labeled points in Figure 12(b) represent time after yielding and correspond with photos in Figure 16
and Figure 17 as discussed later. Time units are ([seconds]; [1 second / 30]), because each video frame lasts
1/30 seconds.

25



where A4V and AH are the average changes in gage length taken on both sides of the
specimen in the vertical and horizontal direction, respectively. ga. is the average gage
length, though all lengths are the same within £0.25 in. In calculating the shear strain,
uniform strain across the thickness of the wall and the FRP is assumed. Debonding of the
FRP was never observed in areas where displacements were measured, so it is reasonable
to assume the strain in the FRP was the same as that in the bricks at least until the point
of cracking. On retrofitted walls, measured strains did vary significantly on both sides of
the walls, because the walls curved concave-in around the FRP (see Figure 21), but by
taking the average of both sides, a reasonably characteristic shear strain is determined.

Shear stress, 7, in unretrofitted specimens is simply calculated by

T ®)

where A, is the net cross-sectional area of the wall defined as follows

A, =nwt 9)
where w is the wall width (30 in.), ¢ is the wall thickness (3.625 in. and 11.625 in. for the
single-wythe and triple-wythe walls, respectively), and # is the percentage of the wall
cross-section that is solid (84% and 85% for the single-wythe and triple-wythe walls,
respectively).

Reporting the brick shear stresses in the retrofitted specimens is more complex
than in the unretrofitted specimens, because some force is resisted by the FRP. The shear
stiffness of the FRP-epoxy laminate is reported in Table 6. This shear stiffness is obtained
from tests performed in accordance with ASTM D3518 (ASTM, 2001). These tests
measure shear stiffness from a stress-strain state that is nearly identical to the stress-strain

state present in the retrofitted panel as shown in Figure 4 (e) (Petit, 1969). The shear
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stress~stfain relationship of the FRP-epoxy laminate is nonlinear. The stiffness is
measured between 2000 and 6000 microstrain. Strains in the reported tests reached values
both below and above this range. For strains in the panels’ elastic region, it may be more
accurate to use a slightly higher stiffness value and for strains greater than this range, a
slightly lower value is more appropriate. However, the actual contribution of the FRP to
the stiffness of the panel is greatly affected by many complex factors: the bond with the
brick; the interaction of the FRP with the resin; and the exact strain distributions in the
wall. Because calculations of the brick shear stress are already approximations of the
actual complex stress state, using a single value for shear modulus will not significantly
affect the already approximate calculation. By using this method, the stresses in the
bricks can at least be compared consistently for each specimen. The assumption that the
laminate’s shear stress-strain relationship is linear is reasonable since the stress-strain
curve does not plateau until strains much higher than those experienced in the wall tests.
The stress in the FRP, 7rzp, can be estimated by

Trrp = Grrp¥avg (10)
where Grgp is the shear modulus of the FRP (470,000 psi) and v, is the average shear
strain across the section. The FRP shear stress is based on the FRP’s shear strain, which is
measured from displacement transducers that measure the average strain across the
transducer gage length. After the bricks or mortar crack, the shear strain is no longer
constant across the width of the walls. The walls curve out of plane and the actual shear
strain in the FRP may be significantly different than the strain calculated using
measurements from the transducer on the side with the FRP (see Figure 21). At high

strains near failure, the horizontal transducer on the FRP side indicates contraction of the
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wall while the horizontal transducer on the bare side indicates the expected expansion.
The reported contraction occurs because the brick wall curves inward, shortening the
gage length. Since the transducer is really indicating curvature in the wall and not
compressive stresses in the FRP, the FRP stress calculation will be most accurate if the
average displacements of gages on each side are used to determine the shear strain. Once
the shear stress in the FRP is known, the net shear stress in the bricks, 7, can be
calculated by equilibrium of shear forces as follows

Ver = Vtotal ~Vire (11)

- P/‘/i"TFRPtFRPW
Ty = A4

n

(12)

where Vo = AeppTrrp s Viows = P/ 2 , and V), s the calculated shear force resisted by the
bricks. Constant shear stress, 7, is assumed across the wall section. Figure 13 allows
direct comparisons of the brick stress and ultimate strains in retrofitted versus
unretrofitted walls. Each point on the graph represents measurements that were taken
every second. Yield stress and ultimate shear strain are indicated on Figure 13 with large
triangles and stars, respectively. The “yield” stress is calculated by determining where the
tangent shear modulus first drops below 100,000 psi. This shear modulus value was
chosen simply because it resulted in a reasonable yield stress for every specimen. Note
that yield here is used to refer to change of stiffness rather than on-set of real plastic
deformation. The term “yield” was chosen rather than cracking stress, because sometimes
small cracks developed before dramatic changes in stiffness. Also, using the term “yield”

is consistent with a later discussion of ductility, which is then defined in the traditional

engineering sense using the corresponding ““yield” strain. The ultimate strain was

28



determined by finding the shear strain when the wall’s capacity deteriorates to 75% of the

yield stress.
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5 DISCUSSION OF RESULTS

Figure 12 and Figure 13 show a wide variety of behavior for the six specimens
tested, so clearly more tests are needed to confirm definitively the effectiveness of FRP as
a retrofit option on one side of a three-wythe URM wall. Still, the results allow a few
conclusions to be made. First, Figure 13 shows that the elastic behavior of the panels is
not significantly affected by the addition of FRP. Also, the FRP does not seem to greatly
enhance the strength of the three-wythe panels. As shown in Figure 14, the triple-wythe
retrofitted wall with weak mortar is slightly stronger than the unretrofitted wall, but for
the strong mortar, the retrofitted panel was actually much weaker. This inconsistency
prevents any general conclusions from being made regarding the FRP’s effect on strength
ofa tﬁree—wythe wall. Figure 14 also shows that no conclusions can be made regarding
the effect of FRP on ultimate drifts. The retrofitted Wall 4 actually had a lower ultimate
drift (as defined above) than the unretrofitted Wall 3.

Wall 1 (single wythe, control) and Wall 2 (single wythe, retrofitted) both yield at
about the same drift near 6 kips/in. when initial cracking in the brick is observed. While
the unretrofitted wall gains minimal strength after cracking, the retrofitted wall continues
to resist load as the FRP bears additional forces, resulting in a maximum load almost
twice as large as the yield load. The retrofitted single-wythe wall yielded at about the
same point as the control wall, but then continued to gain strength as the FRP continued

to carry additional strength. This effect was not observed in three-wythe walls, probably
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Figure 14: Comparison of ultimate drift and maximum load.

because the FRP could not continue to resist forces after bricks on the opposite side

failed.

5.1 Ductility

A comparison of the walls based on ductility yields no definite trends. Using the

definitions of yield and ultimate shear strains defined above, the wall ductility with

respect to shear strain can be calculated from

M, =

Yu
7y

(13)

where v, and 7, are the ultimate and yield shear strains, respectively. The ductility of the

walls ranges from 6.6 to 12.7 as shown in Figure 15. The single-wythe retrofitted Wall 2

provides only a small increase in ductility relative to the unretrofitted Wall 1, whereas no

change in ductility was observed for the three-wythe walls with weak mortar. The

31



14
12 —
10 -
Fr 1
= ]
g ]
a 8 |
£ :
13 3
£
= ]
w B
- ]
3] J
] ]
’: .
w4
2
0
Q2 . ez [ - QB [ — ] =
£ o X £ o = £ 0% £ g X -‘:fg' 5%?
328 z28 228 228 >a56 FEs
- 2 3!—5 - 3 Ea 3 E el
R g L 9 =0 Q2 o K L o
D09 e ao® o= 9 o O & [FRE
EET £ESt T EE R T 58 R
wgg mgg I-g_g l—%o FEg =55
<38 N @3 g = 6 3= S g =

Figure 15: Comparison of shear strain ductility.
retrofitted Wall 6 shows about twice the ductility of the unretrofitted Wall 5, but this

comparison is overshadowed by the dramatic drop in strength of the retrofitted wall.

5.2 Strain Rate
The two retrofitted three-wythe walls showed an initial decrease in strength when

the first bricks crack followed by a slight increase in capacity as forces shifted to the FRP
after the cracked bricks lost stiffness. Rather than resisting additional forces as was the
case for the single-wythe walls, the capacity of the retrofitted three-wythe walls
continued to deteriorate. The capacity decreased very slowly as indicated by the closely
spaced data points in Figure 12. On the other hand, the unretrofitted three-wythe walls
cracked and then lost strength quickly as indicated by the widely spaced data points.
Standard equations for calculating ductility (e.g. Equation (13)) do not show any
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improvement provided by the FRP. It is difficult to justify any improvement provided by
the retrofit by simply looking at the plots and ductility calculations. However,
observation of the experiments suggests an apparent advantage provided by the FRP. In
all cases, the unretrofitted specimens reached an ultimate strength, cracked, and failed
catastrophically, whereas the retrofitted specimens developed several cracks and failed
gradually.

To quantify this improvement in behavior, Figure 12 (b) is stamped with times

(d) (e) (H
Figure 16: Control Wall 3 (a) 3;24 sec., no visible cracks immediately after yield drift.
(b) 7;23 sec., first visible crack (traced in white to the right of actual crack). (c) 11;19
sec., crack widens slightly. (d) 11;20 sec., large crack opens quickly. (¢) 11;23 sec.,
specimen fails. (f) 11;23 sec., crack goes through to the opposite side.
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that images were extracted from the video of the control and retrofitted specimen tests.
These images are shown in Figure 16 and Figure 17 for the control and retrofitted wall,
respectively. Time is set to zero at the point of yielding and time units are ([seconds]; [1
second / 30]), because each video frame lasts 1/30 second. In Figure 16 (b), a small crack
forms shortly after yielding of the control Wall 3 (a white line traces the path slightly to
the right of the crack). Within four seconds, the crack breaks open violently, and the two
sides of the wall completely separate (Figure 16 (d)). A view of the opposite side of the
wall is shown in Figure 16 (f).

In Figure 17 (b), a tiny crack propagates shortly after yielding of the retrofitted

@ ©) ®
Figure 17: Retrofitted Wall 4 (a) 00,00 sec., no visible cracks at yield drift. (b) 10;06
sec., cracks become visible (traced in white to the right of actual crack). (c) 40;09 sec.
crack very slowly widens. (d) 57;20 sec., a second parallel crack forms. (e) 70;12 sec.,
crack widens slowly until test is stopped. (f) 70;12 sec., crack is not visible on the
opposite side, which is retrofitted with FRP.
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Wall 4. With the FRP retrofit, the crack opens slowly; a second parallel crack opens
(Figure 17 (d)); and the wall continues to resist load for 70 seconds, even after the crack
becomes very large (Figure 17 (e)). Figure 17 (f) shows the side with the FRP. In Wall 4,
the FRP never delaminated from the brick and though the crack propagated through all
three wythes, no crack or damage was observed on the FRP face. All three retrofitted
specimens exhibited similar behavior.

To quantify this difference in behavior, Figure 18 compares strain rate with brick

stress. Strain rate is calculated by

. Ay
£ =" 14
AT (14)

where Ay and AT are the shear strain and the time increments, respectively.
The exact relationship between brick shear stress and strain rate is not clear in the
graph, nor is it important. The graph simply shows that for all three wall types, the

control wall reaches much higher strain rates at particular stresses, as is shown less
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Figure 18: Comparison of shear strain rates.
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dramatically by the spacing of data points in Figure 13. The exact strain rate imposed is
of course dependent on the loading protocol, but the dramatic difference in the graphs
clearly shows that the FRP does improve the walls’ ability to withstand forces for longer
periods of time. In this context, the FRP clearly affects even a three-wythe wall retrofitted
on one side. Therefore, one can expect that FRP reduces the brittleness of multiple-wythe

masonry walls under dynamic loading.

5.3 Relative Effect of Mortar Strength

One of the preliminary objectives of this research was to better understand how
the retrofitting would be affected by different ratios of brick to mortar strength. Bricks
and mortar were chosen with the intention that Walls 1 through 4 with Type N mortar
would have much stronger bricks than mortar and failure would initiate in the mortar and
zigzag around the bricks. Walls 5 and 6 were intended to have stronger mortar than brick
and fail in the brick first and crack directly through the bricks. Unfortunately the bricks
proved weaker than expected, and the actual results were not as clearly distinguishable as
originally intended. It proved difficult to determine exactly where cracks in the wall
initiated. Reviewing the videos of the experiments revealed that in one frame, no cracks
were visible and in the next frame (1/30™ of a second later), a crack was present across
the entire central portion of the wall. Consequently, it was difficult to determine where
cracks initiated. Once the crack did form, the crack propagation was significantly
different for the two types of mortar. After removing the loading shoes and separating the
two fractured pieces, the difference in crack propagation became apparent. Figure 19 and
Figure 20 show the two three-wythe control walls with weak Type N and strong Type M

mortar, respectively. Though some exceptions exist, it is clear from the two photographs
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Figure 19: Zigzag crack pattern of the Figure 20: Continuous crack pattern of the
unretrofitted Wall 3 with weak mortar unretrofitted Wall 5 with strong mortar

(Type N). (Type M).

that the crack in the wall with weak mortar traveled around the stronger bricks, and in the
wall with the strong mortar, the crack propagated directly through the bricks.

It is difficult to determine exactly how the effect of the FRP varied for varying
mortar to brick ratios. It is clear from the material tests that the Type M mortar is
stronger, but the Type M mortar is also more brittle and consequently more sensitive to
flaws. In addition, the higher cement to lime ratio of the Type M mortar reduces its
workability, which may also increase the occurrence of flaws in the brick-mortar
interface. This brittleness and poor workability may explain why Wall 6 had the lowest
load carrying capacity of all four three-wythe specimens. Without the FRP, this flaw
could be catastrophic in an actual earthquake loading. However, the FRP allowed the wall
to reach large strains despite the early onset of cracking. This increased ductility (evident
from Figure 15) may be a very beneficial attribute of the FRP retrofitting technique. It
shows that even if a historic wall has a large undetected flaw, the FRP can increase this
wall’s ductility, which may allow the wall to maintain its gravity load carrying capacity in

a major earthquake.
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5.4 Test Limitations

Several important test limitations prevent broad conclusions from being made
regarding the effectiveness of the FRP in limiting damage in actual buildings subjected to

seismic ground accelerations.

5.4.1 Variability

Limitation of resources allowed only six specimens to be tested. Even if six
exactly similar specimens were tested, considerable variation in results could occur
because the materials and the construction practices were imperfect as in real
construction situations. The bricks themselves vary in strength as discussed above. In
addition, construction of the walls is an imperfect art, and even the most experienced
bricklayer is unlikely to lay each brick exactly the same. Students who constructed the
walls were well trained and very high standards of accuracy and precision were pursued,

but some degree of variation in workmanship was unavoidable.

5.4.2 Curvature and Eccentricity

Another important limitation of the test was the actual size of the tested panels.
Over the height of a larger wall, the FRP may be expected to have an even more
significant impact on the behavior of the three-wythe URM. Furthermore, the stresses
across the three wythes of bricks and two layers of FRP may not have reached a stress
distribution typical in a prototype wall, because the loading shoes were located relatively
close to the location of peak tensile stresses. Substantial flexing of the wall about the
vertical axis may also significantly affect the drift capacity of the wall. Curvatures in the

wall were measured using the difference in displacements of the two horizontal
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transducers (one on each side of the wall). The curvature about the vertical axis is
calculated from

Am - AHZ

K L= 15
Vert- &5 Total Thickness (15)

where 4y; and A4y are the change in gage length g A7 and g A2 of Side 1 and Side 2,
respectively as shown in Figure 21. Figure 22 shows the curvature about the vertical axis
is much greater in the specimens retrofitted with FRP. The curvatures about the horizontal
axis are represented by dashed lines in Figure 22 and are calculated in a similar way to
Equation (15) using vertical displacements instead of horizontal. The curvatures about the
horizontal axis also appear greater for specimens retrofitted with FRP, but this curvature
is much smaller that that about the vertical axis since no horizontal cracks develop. The
non-zero curvatures about the horizontal axis in control Wall 3 and to a lesser extent Wall
5 represent either small eccentricities in the placement and/or construction of the wall or
differences in brick/mortar strength or stiffness across the walls’ thickness. The dashed
line for Wall 1 coincides with the x-axis.

In the photograph of Section B-B in Figure 21, a yardstick lies horizontally on the
two pegs used to hold the instrumentation measuring gage length, g /. The curvature of
the non-FRP surface of the retrofitted Wall 6 is evident from the gap that develops
between the straight yardstick and the curved panel surface. On a prototype wall, such
large curvatures may increase the likelihood of splitting off of the exterior wythe as
shown in Figure 23. Also, in the experiments, loads were applied evenly across the thick
wall using stiff steel loading shoes (details in Figure 27 of the Appendix). In a prototype
building, walls may be loaded eccentrically by beams framing in from the interior floor

diaphragms. This eccentricity may cause further curvature. Also, a concentrated
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Figure 21: Section A-A shows curvature about the vertical axis where curvature as drawn
is negative. g hl and g_h2 are the gage lengths of the horizontal displacement
transducers on side 1 and side 2, respectively. Section B-B shows a photograph of Side 1
with the panel edges and bricks outlined for clarity. Curvature is evident from the
yardstick which lies horizontally across the non-FRP side of the retrofitted Wall 6. The
yardstick corresponds with g %1 and touches the brick panel at its center, but not at the

ends.
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Figure 22: Comparison of wall curvature about the horizontal and vertical axes.
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(knife-edge) load may also increase the likelihood of splitting (Mosalam, 2003).

5.4.3 Axial Loads

Axial load also has a significant effect on the performance of a URM wall. High
axial loads tend to increase the bond strength between bricks and mortar, whereas low
axial loads allow slipping of bricks over one another. In the test model, the compression
force in the wall shown in Figure 4 (¢) increases proportionally with the transverse load,
increasing the bond strength between brick layers as the shear strength also increases.
During an actual earthquake, compression loads are not likely to increase proportionally
with lateral loads. In fact, overturning moments may cause the compression force to

decrease with increasing lateral load.

5.4.4 Test Setup and Instrumentation
The non-cyclic quasi-static test method also limited the models’ ability to mimic
the behavior of a prototype wall during an actual earthquake. The brittle nature of URM

walls makes them very vulnerable to cyclic loading where the energy input is much

Figure 23: Separation of the outer wythe in the parapet of a historic URM building.
December 22, 2003 San Simeon, California earthquake
(http://peer.berkeley.edu/san_simeonEQY/).
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different than in a monotonic test. A retrofitting with FRP may improve cyclic response
through energy dissipation mechanisms but no such energy dissipation effect could be
evaluated during the non-cyclic tests. It is also important to note that the addition of FRP
on only one side of the wall introduces an eccentricity in the structure. The potential
negative effects of this eccentricity may only become apparent in a dynamic test of an
entire building. It is thus important not to indiscriminately place FRP on various walls
without considering the effect on the entire structural system response.

In addition to the limitations due to the experimental model, analysis of the tests
was somewhat limited by the test machine and instrumentation. The walls were loaded
using force control operated by the laboratory technician who adjusted a dial to increase
and decrease the rate of loading. In the elastic range, the loading rate was relatively
consistent across all specimens. However, as soon as cracking occurred, some variation in
applied loads and corresponding displacements may have occurred for each specimen.
Also, loading continued until it was judged that further loading would be unsafe due to
complete separation and falling of the walls rather than to a specific strain value. The
ultimate strain was defined as occurring when the wall strength deteriorated to 75% of the
yield stress, but for many of the specimens, the wall was actually loaded to much greater
strains.

Readings of the loading cell and displacement transducers were taken every
second. When cracking occurred, the exact load path during cracking could not be
determined, so linear approximations were made between data points as shown in the
previous graphs. The displacement transducers measured to within 0.001 in. and the

loading cell measured forces to within about 200 lb. This instrumentation accuracy was
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sufficient to provide a reasonable understanding of how each wall performed. Moreover,
since these parameters are almost identical in all specimens, comparisons between

specimens are warranted.
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6 Design Implications

The experiments conducted for this study focus on evaluating changes in the
behavior of a masonry panel when retrofitted with FRP. The experiments sought to
examine the effect of FRP on the panels as a material component rather than attempting
to model the actual seismic response of a URM wall within a building. Despite this
limitation of scope, it is still important to place this material enhancement within the
context of retrofit design. In the United States, URM is generally evaluated according to
either the Prestandard and Commentary for the Seismic Rehabilitation of Buildings
(FEMA 356, 2000) or the Building Code Requirements for Masonry Structures (ACI
530-02/ASCE 5-02/TMS 402-02, 2002). Both documents offer guidance for estimating
the strength of existing URM structural walls or piers. The two publications will be
collectively called the codes throughout this chapter though technically, FEMA 356 is a
“prestandard” and not a building code.

This chapter calculates the design shear strength and initial stiffness of
hypothetical prototypes of the experimental walls according to these two codes. It is
important to note that the design strengths are not adjusted to account for different design
philosophies (e.g. allowable stress design versus strength design or linear versus
nonlinear design), so a larger design shear strength does not necessarily permit design for
a greater lateral load according to the codes. The permissible lateral load may depend on
load factors from local building codes, reduction factors for nonlinearity, the strength of

other actions in the wall (e.g. bending moment), design objectives, importance factors,
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and many other possible design considerations. Because of the difficulty in equating each
code’s method for computing required lateral strength, only the design strengths are
considered in this chapter.

After the shear strength and stiffness are calculated according to the codes, two
design techniques are proposed for estimating the strength enhancement provided by
retrofitting the hypothetical URM walls on one side with FRP. The estimation of FRP
contribution to strength is made by consulting the Acceptance Criteria For Concrete And
Reinforced And Unreinforced Masonry Strengthening Using Fiber-Reinforced Polymer
(FRP), Composite Systems (ICBO AC125, 2001) and the Guide for the Design and
Construction of Externally Bonded FRP Systems for Strengthening Concrete Structures
reported by (ACI 440.2R-02, 2002), both of which are used as guidance for estimating
the shear strength contribution. The authors also propose another method for
approximating the FRP strength contribution based on shear strain. These estimates are

then compared with the actual experimental results.

6.1 Comparing the Design Wall with Experimental Results

6.1.1 Prototype Wall

For the purposes of comparison, three hypothetical walls are proposed for design,
each wall corresponding with one of the three control specimens tested. The prototype
walls are distorted scales of the experimental panels in that the length and width are
increased by a factor of four, but the thickness is unchanged. Consequently, force and
displacement scale by a factor of four and strains, stress, and drift do not change. The
hypothetical length, L = 120 in.; the effective height, A, = 120 in.; and the single-wythe

wall thickness, ¢ = 3-5/8 in. and the triple-wythe thicknesses, ¢ = /7-5/8 in.. The walls are
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assumed to be free-standing cantilevers subjected to a lateral force, V, distributed
uniformly at the top of the wall and a gravity force (an unfactored dead load), N. The
gravity force is set equal to the specimens’ experimental “yield” shear force (as discussed

in the next sub-section), because as shown in Figure 4 (c), the normal force equals the

shear force in the experiments (N = /N2 = V, exper )- Though the normal force, N, is

ij,exper
set equal to the experimental shear force, the design shear strength developed from the
codes will not equal the assumed normal force. However, by keeping the normal force

constant, the various design methods can be compared equitably.

6.1.2 Evaluation of Experimental Results

Various design shear strength and stiffness are calculated in the sections below.
The predicted shear strength and stiffness of these hypothetical walls will then be
compared with the experimental results from the panels tested in this study. The strengths

of the experimental panels are expressed as the yield shear force
Vy,exper :(})y /\/E)SF (16)

where P, is the applied force at the yield shear defined in Chapter 4 and Sr is the scale
factor for force (S = 4) to scale the experimental results to the prototype wall.

The shear stiffness of the experimental panel can be defined based on either shear
force and drift or the shear modulus (based on shear stress and shear strain). The two
approaches do not lead to similar results because of the assumptions used to calculate

drift in Equation (6). The experimental stiffness calculated from drift is defined as

Es exper =V exper (6, ) (17)

J,exper y.exper
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where 8, is the experimental drift at yield. The experimental stiffness calculated from the
shear modulus is defined as

k;f,exper = GaxperAv / he]f (1 8)
where A4, is the shear area of the prototype wall (435 in.” and 1395 in.? for the single-
wythe and triple-wythe walls, respectively), and Geyper is the shear modulus calculated

from the experiments and defined as

Gopr =7, 17, (19)

exper
where 7, and 7, are respectively the experimentally-determined shear stress and
corresponding shear strain at yield as defined in Chapter 4.

After the scaled strength and stiffness of the control panels are compared with
code predicted values, the increase in shear strength provided by the FRP, Vigp, 1s
predicted and then compared with the actual scaled change in shear strength from the
experiments. The difference in strength between the control and retrofitted experimental
panels are evaluated using three different criteria: yield strength, ultimate strength, and
maximum strength. The difference is calculated for each of the three criteria for each of
the three pairs of control and retrofitted specimens. The scaled experimental shear force

resisted by the FRP in the wall is defined as
VFRP = (I/retroﬁt - I/contral ) SF (20)

For the yield strength criterion the experimental shear forces, Vo and Veonnror, are
measured at each panel’s respective yield strain. Similarly for the ultimate strain criterion,
the strengths are measured at each panel’s respective ultimate strain in spite of that fact
that the retrofit and control panels may have significantly different ultimate strains. The
maximum strength criterion is based on the overall maximum shear force resisted by each
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panel which, obviously takes place at a different strain values for different panels. The
reasons behind evaluating the FRP shear resistance using these three criteria will be

discussed later.

6.1.3 Discrepancies Between the Prototype and the Experimental Panels
It is important to note that the experimental panels were not intended to mimic
exactly the stress states that would be present in an actual building during a seismic
event, whereas the equations from the codes are intended to predict seismic response in a
prototype structure. Assuming a cantilever boundary condition in the prototype permits
axial force, overturning moment, and shear force to develop in the hypothetical walls, but
the wall panels in the test setup were subjected to a stress state more similar to a pure
shear loading condition. Section 7.3.3.3.3 of FEMA 356 specifically cautions against
using the diagonal tension test to predict the response of prototype shear walls for the
following reasons:
e Extrapolation of the test data to actual masonry walls is difficult because the ratio
of shear to normal stress is fixed at a constant ratio of 1.0 for the test specimens.
e The distribution of shear and normal stresses across a bed joint may not be as
uniform for a test specimen as for an actual wall.
e Any redistribution of stresses that would occur after first cracking in a prototype
wall will not be well represented in the test specimens.
The section concludes that test data cannot be useful to predict nonlinear behavior. This
chapter only seeks to provide some context as to how the experimental results from this
study compare with current retrofit design practices. It is not expected that the predictions
from the codes will correspond with the values from the experiment. Despite these
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limitations, conclusions made based on the relative behavior of retrofitted and control

wall panels are still valid and valuable.

6.2 FEMA 356

6.2.1 Overview

FEMA 356 contains nationally applicable provisions for the rehabilitation of
buildings to improve seismic performance. The prestandard contains requirements for
selecting a rehabilitation objective and conducting the seismic rehabilitation process.
Guidelines are provided for choosing a linear or nonlinear analysis. A linear analysis
procedure is followed for this design example. Also, based on the shape of the force-
displacement curves, the prestandard requires a design based on either deformation-
controlled or force-controlled actions. For deformation-controlled components, the
expected strength, Ocr, shall be used, where Q¢ is the statistical mean value of yield
strengths, Q,, for a population of similar components. Elements governed by
deformation-controlled actions shall satisfy

mrQeqz = O (21)

where m is the component or element demand modifier to account for expected ductility,
k is the knowledge factor, and Qyp is the deformation-controlled design action due to
gravity and earthquake loads.

For a force-controlled action, a lower bound estimate of the component strength,
Oct, shall be used where Q¢ is the statistical mean minus one standard deviation of the
yield strengths, Q,, for a population of similar components. Elements governed by force

controlled actions shall satisfy
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KQc; 2 Oyr (22)
where Qyr is the force-controlled design action. For the purposes of comparison to the
experiment values and ACI 530 (discussed in Section 6.3), kQ¢; or kQcr will be assumed
to equal the design strength depending on whether force or deformation control applies.
In other words, m, in Equation (21) will be moved to the right hand side of the equation
as a reduction factor on Qyp.

In the following two sub-sections, shear strength and stiffness will be computed
using the default masonry shear strengths given in Chapter 7 of FEMA 356, the actual
bed-joint shear strengths found from the material experiments, and the largest bed-joint
shear strength allowed by FEMA 356. The masonry compressive strength is always
defined according to the prism tests performed. From the three different masonry shear
strengths and the prism test, the overall strength and stiffness of the hypothetical walls

will be calculated and compared with the experimental results.

6.2.2 Shear Strength

FEMA 356 provides equations for both the expected lateral strength and the lower
bound lateral strength of URM walls and piers. Section 7.4.2.3 of FEMA 356 states that
URM walls and piers shall be considered deformation-controlled components if their
expected lateral strength is less than the lower bound lateral strength. If the walls and
piers do not meet this requirement, the walls and piers should be considered force-
controlled. Failures governed by diagonal tension cracking or toe compression failure are
considered brittle and are therefore required to be force-controlled based on the lower
bound lateral strength. Bed-joint sliding shear and rocking are considered more ductile
failure modes and consequently, deformation-controlled analysis is allowed and expected
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lateral strengths should be used. In this section, first the expected lateral strength is
calculated and then these values are compared with the lower bound lateral strength.

The expected lateral strength of URM walls and piers are calculated according to
the lesser of the lateral strength based on expected bed-joint sliding shear strength or
expected rocking strength, calculated in accordance with Equations (23) and (24),
respectively

Oce =V = VoA, (23)
Qe =V, =09aF; (—é»J (24)
hog

where v, is the expected masonry shear strength, 4, is the area of the net mortared
section (435 in.? and 1395 in.? for the single-wythe and triple-wythe wall, respectively,
where throughout this chapter the core area is not subtracted because the entire section of
mortar contributes to strength), ais a factor that equals 0.5 for fixed-free cantilever walls
or 1.0 for fixed-fixed piers (the fixed-free condition is assumed to exist), P is the
expected axial compressive force due to gravity loads ( Pg = 1.IN), L is the length of the
wall or pier (120 in.), and A4 is the height to the resultant of the lateral force (120 in.).

For URM components of walls and piers, FEMA 356 recommends that expected
masonry shear strength, vy, be calculated using an approved in-place shear test.

UBC 21-6 offers a standard for testing masonry shear strength, which is further described
by Section C7.2.2.4 of FEMA 274. The test involves measuring the horizontal force
required to move an in-situ brick. The test was not performed on the experimental walls
used in this study though the direct shear tests described in Chapter 2 should produce

similar data. Since Section 7.3.2.10 of FEMA 356 allows default material properties to be
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used in the determination of component strengths for the linear analysis procedures in
Chapter 3 of FEMA 356, the default values will be used first to evaluate their validity.
The compressive strength of the masonry prisms are 2906 psi and 3472 psi for Type N
and Type M mortars, respectively, so the masonry condition will be assumed to fall in the
category of “Good” in Table 7-1 of FEMA 356. The “Good” condition corresponds with a
default expected compressive strength of 1170 psi from Table 7-1, significantly lower
than the average of the experimental tests. The default expected masonry shear strength
for this condition is 35.1 psi for masonry with a running bond lay-up. Using this default
strength value in Equation (23), the expected lateral strength based on the bed-joint
slipping failure mode of the single-wythe and triple-wythe URM wall is 15.3 kips and
49.0 kips, respectively. The rocking strength values are much larger, and so, bed-joint
slipping controls the deformation-controlled action. Since the default strength values are
used, the deformation-controlled design strengths are expectedly much lower than the
experimental values as shown in Table 8.

Next, the expected lateral strength used for deformation-controlled components is
compared with the lower bound lateral strength used for force-controlled components.
Lower bound lateral strength, Oy, shall be taken as the lesser of the diagonal tension

strength and the toe compressive strength calculated using the following equations,

respectively
? L a
O, =Va =TS0 4, (”h;;] 1+“j”pf2;t‘ (25)
L /.
Q :Vtc.:aP — (1_ a‘ J (26)
c t [heﬁ ] 0.71",
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where L/ h,; shall not be taken less than 0.67 for Equation (26), f 4 is the lower bound

masonry diagonal tension strength, /", is the lower bound masonry compressive strength
from prism tests (*n = f me / 1.6 where [, is the expected masonry compressive strength
taken from the prism test results shown in Table 7), f; is the expected axial compressive
stress ( f, = Pg /Ay ), and Py is the lower bound axial compressive force (P, =0.9N).
FEMA 274 states that because tests do not exist for masonry diagonal tension strength,
the masonry shear strength, v,,., as measured with the in-place shear test may be
substituted for f°, where it is assumed the Jower bound diagonal tension strength is equal
to the expected value of the masonry shear strength. Of course, the lower bound masonry
diagonal tension strength is ideally found using the exact experimental test setup used in
this study. Clearly, the lower bound lateral strength, Qc;, calculated from the diagonal
tension strength from the experiments in this study will be much larger than the expected
lateral strength, Qcg, calculated in Equation (23) using the default masonry shear
strength. Consequently, the suggested replacement of /4 with the default value of v, will
be used here, because this procedure is more typical of what would be conducted in
practice where a f*y value may not be available and because the resulting lower bound
lateral strength, O¢y, is more justifiably compared with the expected lateral strength, Ocg,
calculated above.

From the values in Table 8, it is evident that the diagonal tension strength
calculated by using the default masonry shear strength is greater than the expected
strength based on the bed-joint sliding shear failure mode. Thus, if the default material
values were correct, the specimen would be deformation-controlled according to FEMA

356, and the failure mode in a prototype wall would be bed-joint sliding. The expected
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shear strength, Ocz, governed by bed-joint sliding failure is then multiplied by the
knowledge factor, k, to obtain the design shear strengths of 11.5 kips and 36.7 kips for the/
single-wythe wall and triple-wythe walls, respectively. Here, k = 0.75, because it is
assumed that no material tests were performed. Of course, since the default masonry
shear strength (35.1 psi) is drastically different from the actual material values (156 psi
for the Type N mortar and 232 psi for the Type M mortar determined from the direct
shear tests), the predicted prototype shear strength is about 1/8" of the experimental
value. Because of the use of the default strength values for bed-joint sliding and an
experimental setup that creates an overall stress distribution that does not mimic the
prototype cantilevered wall, the code predicts a failure mode that is inconsistent with the
diagonal tension failure mode observed in the experiment.

Table 8: Shear strength predicted by FEMA 356 using default values

Expected Lateral Lower Bound Lateral Exper
Strength, Qce Strength, Qcp. Lateral Shear‘
Basedon | Based | Based on | Based on | Design Strength
Bed-Joint on Diagonal Toe Strength v
Sliding | Rocking | Tension | Comp. KQck yexper
Viis \'A Stress V4 | Stress V.
Equation (23) (24) (25) (26) - (16)
Units (kips) (kips) (kips) (kips) (kips) (kips)
Single Wythe, Type N 15.3 43.5 41.4 32.7 11.5 88.0
Triple Wythe, Type N 49.0 154.7 102.4 127.6 36.7 312.6
Triple Wythe, Type M 49.0 210.4 107.7 174.3 36.7 425.0

A closer estimate of the experimental shear strength can be obtained using the

actual shear strength of the mortar-brick interface. The direct shear test described in

Chapter 2 should yield very similar results to an in-situ shear test performed in

accordance with FEMA 274 as described above. Equation (7-1) in FEMA 356 states that

the expected masonry shear strength can be calculated using
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0-75(0-75% +%€)

Vo= - 27
e 3 27)

where Pc; is the expected gravity compressive force applied to the wall, which can be
taken as equal to V) exper. Vie is the average bed-joint shear strength, vy, given by Equation
(7-2) in FEMA 356

Vies
y, =t _p (28)
f Ab D+ L

where V., refers to the bed-joint shear test load at first movement of a masonry unit, 4,
is the sum of the net mortared area of bed joints above and below the test unit, and Pp+
is the stress due to gravity loads at the test location, where FEMA 356 assumes the
coefficient of friction is one. The shear strength, v, according to the direct shear test 1s
156 psi and 232 psi for the Type N and Type M mortar, respectively. FEMA 356 states
that values for the bed-joint shear strength, v,., in Equation (27) shall not exceed 100 psi.
Also, the 0.75 factor on v, shall not be applied for single-wythe masonry walls, since the
factor is included to deduct the estimated shear resistance from the collar joint in a multi-
wythe wall, which is the ratio of the areas of the top and bottom bed joints to the sum of
the areas of the bed and collar joints for a typical clay unit. For this study, the 0.75 factor
is never applied since the in-situ tests were not performed. Since the experimentally
tested values are much greater than the maximum allowable value, the maximum
allowable value will be used. The total shear stress is then multiplied by a reduction
factor equal to 0.75 and divided by 1.5 to convert it to an average stress for use with walls

of a rectangular cross section. Assuming the maximum bed-joint shear strength, v, = 100
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psi, the shear strength of the masonry, v,., can be calculated from Equation (27). The

corresponding values are shown in Table 9.

Table 9: Maximum shear strength permitted by FEMA 356

Expected Lateral | Lower Bound Lateral
Expected Strength, Qcg Strength, Qcp Lateral Exper.
Masonry | Based on Based Based on Based on | Desi Shear
Shear Bed- on Diagonal Toe S trengh Strength
Strength Joint . Tension Vyexper
oY Rocking Comp. kQcr »ep
Vine Sliding v Stress Stress V
Viis ' Va N
Equation (27) (23) (24) (25) (26) - (16)
Units (psi) (kips) (kips) (kips) (kips) (kips) (kips)
Single Wythe, | 151 657 | 435 | 1034 | 327 | 327 | 880
ype N
Triple Wythe. | 150 | 2086 | 1547 | 2792 | 1276 | 1276 | 3126
ype N
Triple Wyihe | 190 | 2648 | 2104 | 3462 | 1743 | 1743 | 4250
ype M

By increasing the expected masonry shear strength from vy, = 35.1 psi in Table 8
to the reported values in the second column of Table 9, the bed-joint sliding failure mode
no longer controls and instead, toe compressive failure controls the strength. Since
comprehensive experimental tests would be required to obtain a value for v,,, the
knowledge factor is assumed to be 1.0. With toe compressive failure controlling design,
the experimental values are still roughly twice as large as the design strength. Note that
using the actual direct shear strength values rather than 100 psi would not increase the
shear capacity, since the capacity will still be governed by the toe compressive stress
failure mode, which is independent of the shear strength (see Table 10).

It is interesting to note that the strength assuming a diagonal tension failure mode
is greater than the experimental shear strength even when the maximum allowable bed-
joint shear stress is used (Table 9). If the actual material shear strength values from the
direct shear test are used (results shown in Table 10), the lower bound diagonal tension

strength for the single wythe wall is 30% higher than the measured strength. Perhaps
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further investigation is necessary to ensure that the code predicted strengths are

sufficiently conservative.

Table 10: FEMA 356 estimated shear strength using experimental material properties

Expected Lateral | Lower Bound Lateral
Expected Strength, Qce Strength, Qcp Lateral Exper.
Masonry | Based on Based on . Shear
Based . Rased on | Design
Shear Bed- Diagonal Strength
. on : Toe Strength
Strength Joint : Tension Vyexper
Cys Rocking Comp. KQck yexp
Vine Sliding v Stress Stress V
Vbis ' th ©
Equation (27) (23) (24) (25) (26) - (16)
Units (psi) (kips) (kips) (kips) (kips) (kips) (kips)
SigeWythe: | 479 | 780 | 435 | 168 | 327 | 327 | 880
ype N
Triple Wythe, | 190 | 2654 | 1547 | 3380 | 1276 | 1276 | 3126
ype N
Triple Wythe, | 268 | 3745 | 2104 | 4588 | 1743 | 1743 | 4250
ype M

6.2.3 Stiffness

FEMA 356 also offers methods of estimating wall stiffness. According to Section

7.3.2.7 of FEMA 356, the expected shear modulus of masonry, G, shall be permitted to

be taken as 40% of the elastic modulus in compression, Ey.. The elastic modulus in

compression was not measured for these experiments, but the default value from FEMA

356 can be used. Assuming “Good”” masonry condition, the expected elastic modulus in

compression, Ey,., shall be taken as 550f . where f . is the expected masonry

compressive strength taken from the prism test results shown in Table 7.

According to Section C7.4.2.1 of FEMA 356, laboratory tests of solid shear walls

have shown that conventional principles of mechanics for homogeneous materials can be

used to predict the behavior of solid shear walls at low force levels. The lateral in-plane

stiffness of a cantilevered shear wall, &, can be calculated as

57



k = 29)
heﬁ3 N h;
3Eme]g Amae

where the shear area of the section is assumed equal to the net area, 4, defined above
and /, is the moment of inertia for the gross section representing uncracked behavior
(522x10° in.* and 1674x10° in.* for the single-wythe and triple-wythe specimens,
respectively).

Equation (29) considers flexural deformation in the first term of the denominator
and shear deformation in the second term of the denominator. Stiffness is calculated using
both terms in the fourth column of Table 11. These values should be representative of the
prototype wall. However, the experimental setup creates a stress distribution closer to
pure shear without flexural deformation. By setting the first term in the denominator
equal to zero, only the shear stiffness is calculated and this value (the fifth column of
Table 11) should be more consistent with the experimentally observed stiffness.

As was briefly discussed at the beginning of this chapter, the experimental
stiffness is calculated in two ways using either the shear strain, kyexper OF the drift, ks cxper,
both of which are reported in Table 11. The large difference between these two methods

(k ~ 2k

 exper © 57@(1)&,) reveals an overall inconsistency in the ability of the test setup to model
the stiffness of an actual wall. At yield the vertical deformations measured by the
displacement transducers are about four times larger than the horizontal deformations. In
an ideal pure shear stress state, the magnitude of the deformations would be the same, so
a state of pure shear does not actually exist in the experimental panel. In addition, the
vertical deformations are spread out consistently throughout the gage length whereas the

horizontal deformation is concentrated along the center of the panel with relatively little
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strain near the corners. This conclusion is based on strain contours from finite element analysis of
the experiments conducted by Nguyen as reported in (Nguyen, 2003). The strain contours are
shown in Figure 24 and Figure 25. Both of these inconsistencies in the strain distributions show
that the panel is not actually in pure shear and the calculation of a shear strain is a very rough

approximation of the actual behavior. Similarly, the drift Equation (6) assumes a pure shear stress

distribution and the equation only uses the vertical deformation, which explains why the

stiffness based on drift is half as much as the strain-based stiffness calculation. These

inconsistencies explain both why the calculation of the experimental stiffness depends

largely on the method used and why neither of the experimental stiffnesses correspond

closely with the code predicted stiffness with no flexural deformation. When flexural

deformation is considered, the predicted stiffness values are relatively close to the drift-

based experimental stiffness values, but this similarity should be interpreted as a

coincidence, since the experimental tests do not permit flexural deformation.

Table 11: Comparison of FEMA 356 and experimental stiffness

Stiffness, Stiffness, Exper. Exper
Elastic Shear assuming | assuming no - -
Modulus | Modulus flexural flexural S’lt;fmess S‘Effness
Eie Gume deformation | deformation exper vexper
k k
Units (ksi) (ksi) (kips/in.) (kips/in.) (kips/in.) | (kips/in.)
Equation 550f,. | 0.4E,, (29) (29) (17) (18)
Single Wythe, | 1598 639 891 2318 733 1462
ype N
Triple Wythe: | 1508 639 2858 7432 2430 | 4836
ype N
frple Wyihe: 1 1910 764 3415 8880 3182 | 4976
ype M

6.3 ACI 530-02/ASCE 5-02/TMS 402-02

The Masonry Standards Joint Committee created the Building Code Requirements

for Masonry Structures to be referenced in legally adopted building codes. Unlike FEMA
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356, ACI 530 is intended for new construction and not rehabilitation of existing
buildings, but the code does contain provisions for URM buildings that can be used for
assessment of existing buildings. ACI 530 permits URM to be designed according to

Allowable Stress or Strength Design, both of which are discussed below.

6.3.1 Allowable Stress Design
The Masonry Standards Joint Committee reports a method of calculating shear
strength of URM walls similar to FEMA 356. The code states that the design strength is

equal to the nominal strength multiplied by a strength reduction factor ¢, which equals
0.6 for shear. The design strength must be greater than the required strength, U. The
nominal strength shall be taken as 2.5 times the allowable stress value and is permitted to
be increased by one-third for load combinations including earthquakes. Thus,

f, <4(2.5:133-F) (30)

where F, is the allowable shear stress. The required shear stress, f,, is equal to

e
f”_[,,b GD

where V is the shear force applied to the wall, Q is the first moment of area about the
neutral axis of a section of that portion of the cross section between the neutral axis and
extreme fiber, I, is the moment of inertia of the net cross-sectional area of a member, and
b is the width of the section. ACI 530 considers three failure modes as described in the
Commentary. Equations (32), (33), and (34) consider these three failure modes, namely,
(1) formation of diagonal tension cracks through the mortar and masonry units, (2)

sliding along a straight crack at horizontal bed joints, and (3) formation of stepped cracks
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alternating from head joint to bed joint. The allowable in-plane shear stress, F, shall not

exceed any of

ffv Sls f'm (32)
F, <120psi (33)
F, <v+0.45N,/ 4, (34)

where f~,, is the specified compressive strength of masonry from prism tests according to
ACI 530.1/ASCE 6/TMS 602, v = 37 psi for masonry in running bond that is not grouted
solid, N, is the compressive force actiﬁg normal to the shear surface, which is set equal to
the experimental yield shear force, ¥y exper, An is defined for this section as the gross cross-
sectional area of the masonry as allowed by the Commentary (435 in.2and 1395 in.? for
the single-wythe and triple-wythe wall, respectively). f”,, is determined from the prism
tests reported in Table 7. ACI 530 does not explicitly state that material tests can be used
to increase the value used for v. Therefore, only the results using the default values are
shown in this report. According to ACI 530 equations, diagonal shear cracking is the
governing failure mode for the prototype wall. Despite this similarity in predicted failure
mode, the maximum allowed shear force is about half the experimental values as shown

in Table 12.

6.3.2 Strength Design

For Strength Design, the masonry wall should be proportioned such that the
design shear strength, ¢ 7, shall exceed the shear corresponding to the development of
1.25 times the nominal flexural strength, M, except that the nominal shear strength, V,,

need not exceed 2.5 times the required shear strength, V. The strength reduction factor,
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¢, shall be taken as 0.8 for masonry subjected to shear. The strength design method

seems to consider the same failure modes as allowable stress design, though the failure

modes are not explicitly stated. Nominal shear strength, ¥, shall be the smallest of

V. <3841, (35)
V. <3004, (36)
V. <564, +0.45N, (7)

For strength design, Equation (37) governs, which corresponds with the bed-joint sliding
failure mode. The nominal and design shear strengths are shown in Table 12. The shear
strength design values are lower than the experimental values, but they are reasonable
considering the simplicity of the experiment, the high variability, and the different failure
mode that is predicted.

Table 12: Shear strength predicted by ACI 530

Allowable Stress Design Strength Design E
: ‘ : Desi Xper.
Allowable Adjusted | Maximum | Nominal S;Slgn Shear
Shear Allowable | Allowed Shear ear Strength
Stress Shear Shear Strength | Strength | "y
S Ly Stress Force V Vo A Hexper
Units (psi) (ps1) (kips) (kips) (kips) (kips)
Equation (32) (30) 31) (35) 3 (16)
Smé'fle Wythe, | ¢4 9 161 46.8 64.0 512 | 88.0
ype N
T“E}‘e Wythe, | ¢4 9 161 1500 | 2188 | 1750 | 3126
ype N
T“gle Wythe, | g 4 176 1640 | 2693 | 2155 | 4250
ype M

The strength design values are slightly higher than the allowable stress design
values, which is reasonable since the seismic forces in strength design would be increased
by appropriate load factors. Interestingly, Equation (37), which corresponds with the bed-

joint sliding failure mode now governs the response, which means that the failure mode
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predicted by the code is dependent on whether an allowable stress design or a strength

design approach is adopted.

6.3.3 Stiffness
Unlike FEMA 356, ACI 530 does not specify a particular equation to estimate

wall stiffness. Section 1.8.2.2.1 of ACI 530 does state that the modulus of clay masonry

shall be taken as £, =700 /" where the masonry compressive strength is multiplied by a

factor of 700 instead of 550 in FEMA 356. The shear modulus is still taken as 40% of the
compressive modulus. If Equation (29) is again used to calculate the code predicted
stiffness, the ACI 530 predicted stiffness will simply be 27% higher (700/ 550 = 1.27)
than the FEMA 356 stiffness values shown in Table 11, since the stiffness is linearly

proportional to the elastic modulus.

6.4 Expected FRP Contribution

The contribution of FRP to the shear resistance of the retrofitted specimen varies
according to the strain in the wall. By ensuring that the bond strength between the FRP
and the masonry is large enough such that debonding does not occur, it can be assumed
that the strain in the FRP equals the strain in the bricks. For a particular strain value, the
stress in the FRP can be calculated assuming a linear stress-strain relationship utilizing
the reported FRP modulus of elasticity. This stress can be integrated over the FRP cross-
sectional area to find the total shear force resisted by the FRP. Alternatively, at any given
strain, the shear resistance provided by the FRP will be equal to the shear force resisted

by the bricks subtracted from the total shear force.

63



The publications of FRP design guidelines cited below use a tension approach,
which assumes a maximum allowable design tension strain in the FRP. FRP shear
strength is considered the product of this strain and the tensile modulus of the FRP. The
authors propose an alternative approach that uses a maximum allowable design shear
strain and the shear modulus of the FRP. The latter approach is more consistent with the
calculation of the stresses in the FRP according to Equation (10). Theoretically, the
tension and shear approaches should give similar results.

Regardless of the approach, choosing the maximum allowable design strain value
at which the FRP strength contribution is determined, greatly affects the additional shear
force resistance provided by the FRP. If a small strain value is chosen (e.g. strain at initial
cracking), the total strength can be easily predicted since both the FRP strength and the
masonry strength at cracking can be easily determined. However, the shear force resisted
by the FRP will continue to increase as cracks in the masonry open, but the forces
resisted by the masonry will decrease as the masonry is damaged. Because of the
difficulty in predicting the post-cracking behavior of the retrofitted masonry walls, it is
difficult to predict at what strain the retrofitted wall will resist the most shear force. The

strains chosen for each FRP stress calculation will be discussed below.

6.4.1 Tensile Strain Approach

At this time, building codes have not yet been published for the design of
retrofitting schemes on multi-wythe URM. However, the shear strength contribution of
the glass/epoxy laminate can be calculated based on the ICBO ES Acceptance Criteria
for Concrete and Reinforced Masonry Strengthening Using Fiber-reinforced Polymer

(FRP) Composite System (AC 125, 2001). In addition, ACI Committee 440 has published
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a report titled, Design and Construction of Externally Bonded FRP Systems for
Strengthening Concrete Structures, which can be applied to masonry (ACI 440.2R-02,
2002). In agreement with section 7.3.2.6.3 of the AC 125 (2001), the design shear

strength enhancement, ® Vigp, is

@V,,R,,=<me‘"/_j(z,(ﬁ sin” 6 + f; cos” 6, ) (38)

fe=]
for a rectangular wall section of length, /,, (120 in.), measured parallel to the applied
lateral force. The strength enhancement is provided by » bidirectional FRP laminates with

the i-th laminate having thickness, ¢, (0.04 in.), with fibers at an angle, +0, (+45°), to the

wall axis. The strength reduction factor, @, for shear can be taken as 0.8 according to the
strength design section of ACI 530. The efficiency factor, {1 = 0.75, applies to FRP
placed on one side according to AC 125. It should be noted that AC 125 requires that the
FRP be wrapped around wall section ends to a face perpendicular to the direction of the
applied shear force. The FRP for this experiment was not wrapped around the ends of the
panel, but since no debonding was observed, the effect of not wrapping the wall should
not be significant. Also, AC 125 requires the fiber angle to be greater than or equal to
75°, though the equation is still applicable to fibers at a 45° angle as assumed in this
chapter.

To determine the design shear strength for the FRP, it is necessary to calculate the
design tensile stress defined as

f=FEs (39)

where ¢ is the allowable design tensile strain for shear calculations and £ (2270 ksi) is the

longitudinal design modulus of the FRP laminate. The modulus is not reduced by an
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environmental reduction factor, because ACI 440.2 states that the modulus is generally
unaffected by environmental conditions.
The permissible stress of the FRP material according to AC 125 is

f=0.004E<0.75f, (40)

This equation assumes the allowable design tensile strain, €, is 0.004. f, is the ultimate
tensile strength of the FRP laminate (44.1 ksi), which is much greater than 0.004E. AC
125 does not explain why this value is chosen, but 0.004 was probably chosen as an
estimate for the ultimate strain present in masonry and concrete shear walls. For
comparison, the average ultimate shear strain of the three control walls tested for this
study was 0.0053 with a COV between the three control specimens of only 7.1%.

A strain of 0.004 results in a guaranteed design tensile stress of 9.08 ksi. Inserting

this stress into Equation (38) results in a FRP design strength of
DY = 0.8(0.75)(120in.)2[(0.o4in.) ((9.08 ksi)sin® 45 +(9.08 ksi ) cos 45)] =52.3kips

for all three hypothetical walls. This strength is compared with the results from the
experimental study in Table 13. It is difficult to make broad comparisons with the
experimental results because of the large amount of variability and the small number of
specimens. However, the change in strength between the control and retrofitted triple-
wythe Type N mortar specimen is close to the AC 125 predicted results regardless of
whether the experimental enhancement is calculated specifically at ultimate strain or
based on the overall maximum shear force resisted (See Section 6.1.2. for an explanation
of the three methods used to calculate the experimental enhancement provided by the

FRP).
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Table 13: Design FRP Strength at Ultimate Strain Versus Experimental FRP Strength

Tensile Stress Design Shear Stress Design Experiment
Change in Change in
Assumed FRP Assumed FRP Shear Maximum
Tensile Shear Shear Shear Strength at
. . . Shear
Strain Force Strain Force Ultimate Strength
Strain gt
Units - (kips) - (kips) (kips) (kips)
Equation - (38) - (41) (20) (20)
Sigle W, | 0.0040 | 523 | 00053 | 143 32.8 56.6
ype N
Trple Wythe: | 0.0040 | 523 | 0.0053 | 143 58.8 453
ype N
Triple Wyihe: | 0.0040 | 523 | 0.0053 | 143 86.9 -144.2
ype M

The shape of the shear stress-strain plots in Figure 13 show that the triple-wythe
walls do not resist much additional shear force after initial cracking. As a result, a more
conservative estimation of FRP contribution to shear resistance may be obtained using
the “yield” point of the control specimens defined in Chapter 4, which approximately
corresponds with the initial cracking of the bricks. The tensile strain can be approximated
by simply taking the “strain” from the horizontal displacement transducer, which equals
128 microstrain with a COV between the three control specimens of 35.3%. This value
corresponds with tensile cracking strain data from experiments performed on clay brick
masonry reported by (Lourenco et al, 1996). While this study’s experimental yield strain
corresponds with data from Lourenco et al, the tensile “strain” should be interpreted with
caution since it is calculated over the entire gage length of 26 in. In reality, most of the
tensile strain is concentrated within a small band near the center of the panel, so the local
strain in this region is much higher than the average strain taken across the gage length.
This inconsistency in the definition of strain is shown by the strain contours created by
Nguyen (2003). Nguyen compares the experimental results from this study with the

results from finite element analysis of the same diagonal shear test specimen. Figure 24
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shows that the principle compression strain is relatively uniform across the diagonal

height of the specimen, while Figure 25 shows that the principle tension strain is

concentrated along the load path with relatively small strain near the corners of the

panel.* Because of this nonuniformity in strain, using the horizontal yield strain of 128

microstrain results in an especially conservative estimate of the stress in the FRP at yield

(291 psi). Inserting this stress into Equation (38) results in a FRP design shear force of

only 1.7 kips, about 30 times less than the code recommended value. Table 14 compares

this value with the experimental change in yield shear force when the control wall 1s

retrofitted. Again, it is difficult to make any broad comparisons, because of the

inconsistency in experimental behavior, as discussed previously.

Table 14: Design FRP Strength at Yield Strain Versus Experimental FRP Strength

Tensile Stress Design Shear Stress Design Experiment
Assumed FRP Assumed FRP C‘I‘lapge ’1’11 Chagge n
. Yield Maximum
Tensile Shear Shear Shear
Strain Force Strain Force Shear Shear
! ! ore Strength Strength
Units - (kips) - (kips) (kips) (kips)
Equation - (38) - (41) 20) (20)
Singe Wyhe: 1 0.000128 | 1.7 | 0.00660 | 1.8 11.3 56.6
ype N
Triple Wythe, 1 0.000128 | 1.7 | 0.00660 | 1.8 40.9 453
ype N
T”g}e Wythe, | 6000128 | 1.7 | 0.00660 | 1.8 -166.3 -144.2
ype M

* Figure 24 and Figure 25 should only be used to observe the relative strain distribution in the panels. The
particular magnitudes of strains shown have no significance in the present discussion. Refer to (Nguyen,
2003) for more information regarding the finite element analysis used to create these strain contours.
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Figure 24: Principal compression strain in homogeneous system (Nguyen, 2003).
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Figure 25: Principal tension strain in homogeneous system (Nguyen, 2003).
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6.4.2 Shear Strain Approach

An alternative approach to estimating FRP shear strength contribution from
tensile strain and the FRP tension modulus is to use shear strain and the FRP shear
modulus. This shear strain approach is more consistent with estimation of the FRP shear

stress in Equation (10). Using this approach, the design shear strength of the FRP is

CDV:Q)Qlwi (7)) (41)

i1
where for the i-th laminate, 1, is the shear stress in the FRP defined as

=Gy (42)
where +yis the maximum allowable design shear strain and G is the reported shear
modulus of the FRP (470 ksi). The equation only applies to laminates with bidirectional
fibers oriented perpendicular to each other. It is also important that the experimentally
determined laminate shear modulus is consistent with the orientation of the fibers relative
to the wall as was the case for this study.

As discussed with the tensile strain approach, the maximum allowable design
shear strain can be defined according to the yield shear strain or the ultimate shear strain.
The average ultimate shear strain of the control specimens is 0.0053 with a COV of 7.1%,
a value relatively close to the 0.004 tensile strain value recommended by the AC 125
(2001). This shear strain creates a shear stress of 2491 psi in the FRP, which results in a
design shear strength of 14.3 kips for all three hypothetical walls. From Table 13, it is
evident that this approach results in a calculated FRP design shear strength enhancement
that is about one quarter of the design shear strength predicted by the AC 125 tensile
strain approach. The large difference between the two approaches is due to the different

strain values used for each approach (i.e. the tensile strain of 0.004 does not necessarily
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correspond with a shear strain of 0.0053). Again, it is difficult to make any broad
conclusions as to which approach better predicts the strength enhancement provided by
the FRP because of the variability in experimental data.

The shear force resisted by the FRP should also be evaluated at the yield shear
strain, defined as the average yield shear strain of the three experimental control
specimens. The yield shear strain is 0.00066 with a COV of 9.9%, which induces a shear
stress in the FRP of 310 psi. Substituting into Equation (41) results in a design shear force
of 1.8 kips, which is about the same as the shear force contribution of the FRP calculated
using tensile strain. At yield strain, the shear strain approach and tensile strain approach
produce very similar estimates of the FRP design shear strength, because both effective
strain values come from measurements on the experimental specimen. When the FRP
design shear strength is calculated at the yield strain, the addition of the FRP has a
minimal effect on overall strength. The experimental results from specimens with Type N
mortar seem to indicate that calculating FRP shear strength enhancement at the yield

strain is too conservative. However, more studies are required to validate this statement.

6.5 Design Summary

This chapter utilized FEMA 356 and ACI 530 to determine the design shear
strength of a hypothetical 10 ft. x 10 ft. freestanding URM shear wall. The design
strengths were then compared with the measured shear forces resisted by the
experimental panels. The left column of Figure 26 shows four of the considered design
strengths superimposed on the experimental drift-shear force relationship for each of the
three control specimens. The code plots include the predicted stiffness of the hypothetical

wall including flexure and shear contributions. Due to scaling effects, the experimental
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shear force is assumed to be simply four times the actual measured shear force from the
experiments.

After the code shear strength and stiffness were calculated, the FRP contribution
to shear strength was predicted. The right column of Figure 26 shows the design shear
strength of the URM walls retrofitted with FRP superimposed on the experimental drift-
shear force relationship. The lines in the figure represent only the design strength. The

“stiffness is not shown. The FRP contribution is shown here using the AC 125
recommendations (labeled 5 and 7) and using the experimentally calculated yield shear
strain, 0.00066 (labeled 6 and 8). These predicted FRP contributions are then added to the
FEMA 356 and ACI 530 Strength Design calculations for the unretrofitted URM wall
(shown in the left column) to obtain the overall design strength of a retrofitted prototype.
The maximum allowed masonry stress (100 psi) is used for the FEMA 356 calculations.

It is difficult to make conclusive remarks regarding the accuracy of the design
methods evaluated in this chapter, because of the variability in test results, the small
number of specimens tested, and the inability of the diagonal tension test to model real
URM wall behavior. The design techniques for evaluating the shear strength of a URM
wall are well established, but more research is necessary to better estimate an appropriate
method for predicting the additional shear strength provided by retrofitting a multi-wythe

URM wall with FRP on only one side.
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Figure 26: Predicted behavior versus experimental results for hypothetical walls.
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7 CONCLUSIONS

The present investigation has shown the effect of retrofitting one side of a URM
wall with £45 degree glass fiber reinforced laminate. Two experimental objectives were
studied. First, a comparison was made between the improvements in performance
provided by retrofitting a single-wythe wall versus that provided by retrofitting a triple-
wythe wall. Second, the performance enhancement provided by the FRP was compared
with two mortar-to-brick strength ratios. Conclusions from the six walls tested using a
diagonal tension (shear) configuration can be summarized as follows:

1. FRP increased the strength of the single-wythe URM wall by about 50% but had
minimal effect on ductility.

2. The three-wythe wall results did not consistently show an increése in ductility or
strength provided by the FRP.

3. Walls retrofitted with FRP exhibited less catastrophic failures. Upon initial
cracking, the strength capacity of the retrofitted walls deteriorated at much lower
strain rates than the unretrofitted walls. However, it is difficult to directly apply
this result to the retrofit design of a URM building unless further in-depth
investigation to develop design guidelines is performed.

4. The strong Type M mortar most likely increased the URM wall’s sensitivity to
flaws. Though historic URM buildings are more likely to have weak mortar
relative to brick strength, testing the strong mortar showed that the addition of

FRP may decrease the such sensitivity to flaws by increasing the ductility
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capacity of the wall. Thus, retrofitting a historic structure with FRP may reduce a
building’s sensitivity to flaws caused by poor construction practices or
deterioration over time. The strength of the retrofitted wall with Type M mortar
was 66% of the unretrofitted wall’s strength, yet the ductility was nearly two
times greater.

Application of FRP to one side of the wall induced significant curvatures, which
may significantly affect the overall seismic response of a URM building.

Current design guidelines provide reasonable estimates of the shear strength of a
URM wall. More research is necessary to evaluate current practices for predicting
the additional shear strength provided by retrofitting a multi-wythe URM wall
with FRP on only one side.

The above conclusions should be considered in the limited context of the

experiments conducted. Further research is needed to determine more definitively the

potential advantages and disadvantages of using FRP on only one side of a multi-wythe

URM wall. This future research may include the following investigations:

1.

The effect of retrofitting historic URM buildings with FRP should be evaluated
with consideration given to the high degree of variability in material properties
and uncertainty in existing conditions. By increasing the sample size, more
definitive comparisons can be made between retrofitted and unretrofitted
specimens, and these comparisons can then lead to retrofit design guidelines.
The effect of more realistic diaphragm-wall connections with varying degrees of
eccentric and concentrated loading should be considered. This investigation may

reveal a tendency for wythes to split apart, which would negate any apparent
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advantages provided by the application of FRP to only one side unless some type
of through-thickness anchorage is provided.

. Experiments with full-scale walls should be conducted where the effect of FRP
induced curvature can be evaluated. Full-scale tests may reveal that FRP increases
the likelihood of wythes splitting apart, out-of-plane failures, or overall eccentric
building response.

. Racking load tests should be conducted with varying axial loads, so that the effect
of gravity loads and overturning moments can be evaluated.

. Cyclic loading tests should be conducted, because they may reveal advantages to
the proposed retrofitting scheme that were not evident in monotonic tests,
particularly related to energy dissipation which is dependent on the loading
history.

. An alternative retrofitting technique should be investigated, which involves
placing the FRP on only one side of the wall and then tying all wythes together
with an anchor. This alternative may allow the FRP laminate to activate all the
wythes in the wall and reduce a pernicious response caused by wall curvature and

wythe splitting.
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APPENDIX

Details of the loading shoes are shown in Figure 27.

10,000
/\/\ <
\ l
\\\6. 0 o
| N yd |
! \\ Vs Ve | 5,750
N
i \ [ 43 |
T B | 1]
= LO.SOU
4,000
3,000
End View
1.3* Equally Spaced 1000
5750
0.6257 - ears
16,000

Front view: Three Wythes

Figure 27: Loading shoe design.

4,500
~1.000
3,300
Stiffener
1.000
S750
1
0.623 0375+
l—et-11" Equally Spacpd
6.000

Front view: One Wythe

80





